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ABSTRACT

The seismic performance of low-rise steel buildings with concentrically braced
frames (CBFs), designed in accordance with the National Building Code of Canada 1995
and CSA Standard S16.1-94, is evaluated. Such buildings possess features such as a
flexible roof diaphragm and non-structural partitions. Concerns may arise about limited
ductility and brace overstrength. Current seismic design provisions are based on studies

on ‘tall’ buildings and do not address the features of low-rise buildings.

The dynamic behaviour of a single-storey building is investigated with an ambient
vibration test. The experimental mode shapes show evidence of roof diaphragm
flexibility. Numerical simulations of the dynamic behaviour suggest significant stiffness

contributions from the non-structural cladding and built-up roofing.

The seismic evaluation study consists of (i) the design of single-storey and
two-storey buildings for five seismic zones in Western Canada, (ii) definition of the
intended performance level in the design earthquake, (iii) specification of ground motion
consistent with the performance level and the selection of appropriate earthquake
accelerograms for dynamic analyses, (iv) development of analytical models accounting
for effects such as roof diaphragm flexibility, hysteresis behaviour of steel braces,
stiffness and strength contributions from non-structural partitions, (v) use of response
spectrum analysis, nonlinear ‘pushover’ analysis, and nonlinear dynamic time history
analyses to estimate the seismic response of the buildings, and (vi) specification of

acceptance criteria for the building and its components.

Existing codes provide a reasonable estimate of the maximum drift and brace

ductility demand, but do not ensure that yielding is restricted to the braces. In moderate



and high seismic zones, the roof diaphragm response is inelastic and brace connections
are overloaded. Recommendations are made to improve the seismic performance of

CBFs.

A displacement-based seismic design method, an alternative to the current
spectral acceleration-based design method, is used to design CBFs. Design displacement
spectra are proposed for five seismic zones in Canada.

A seismic design strategy is proposed as a function of the seismic zone, that
considers the importance of the structure, the limit states and governing criteria such as
tolerable damage levels, initial and rehabilitation cost implications, and suggests

appropriate methods for design and analysis.
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1. INTRODUCTION

1.1 General

The seismic design provisions for buildings as currently reflected in the National
Building Code of Canada (ACNBC 1995a) and CSA Standard S16.1-94 (CSA 1994) are
undergoing continuous development based on the latest research results. Most analytical
studies to date have focused on the seismic design and analysis of tall buildings.
Information on the behaviour of low-rise buildings, typically up to four storeys high, is
scarce. Such buildings comprise the majority of society’s investment in steel structures
and provide commercial and industrial space in all seismic zones of Canada. Hence,
damage to such structures due to earthquakes poses a significant risk to life and property.

Low-rise buildings may possess one or more of the following features; (a) presence
of a flexible roof diaphragm, (b) use of diaphragms as the horizontal lateral load resisting
system (LLRS), (c) use of concentrically braced frames (CBFs) as the vertical LLRS for
providing lateral stiffness and stability to the structure, [This coupling of a flexible
system with a stiff one results in a discontinuity in stiffness and strength], (d)a
significant number of non-structural elements such as cladding and partitions, (e) lack of
homogeneity in construction due to use of different materials, and (f) irregular building
layout.

These features lead to complexities in mathematical modelling and analysis that
have limited the development of design recommendations for such buildings. The bases
of current seismic design provisions are models that are representative of multi-storey,
homogeneous, regular, medium to high-rise buildings with rigid diaphragms. These
response models may not be appropriate to determine the earthquake induced force and
deformation demands in low-rise buildings, as pointed out by Gupta and Moss (1993).

A large inventory of low-rise buildings exists that were not specifically detailed
for ductile response in an earthquake and similar new buildings are also being erected.
There is thus a growing concermn about the limited strength and ductility of such
construction. Analytical studies on the seismic response of such buildings are necessary
to arrive at rehabilitation strategies for existing buildings and design recommendations

for new construction.



Besides the above concerns, the following issues need to be addressed:
(a) Field measurements of the dynamic behaviour of low-rise buildings are scarce. The
empirical expression for determining the fundamental period in the NBCC
(ACNBC 1995a) is based on measurements on buildings with rigid diaphragms and may
not be representative of such buildings.
(b) Non-structural elements have the potential of contributing significant lateral
stiffness and strength to these buildings that is often neglected in design and analysis.
The presence of this contribution during severe ground motion and its effect on dynamic
response needs to be investigated.
(c) Low-rise buildings may possess a significant oversupply in lateral stiffness and
strength with respect to the design requirement due to oversize of the lateral load resisting
elements. The effect of this overstrength needs to be assessed.
(d) The NBCC (ACNBC 1995a) specifies three design force levels for CBFs along with
the associated detailing requirements given in CSA Standard S16.1-94 (CSA 1994).
However, no such provisions exist for design and detailing of diaphragms. The adequacy
of the existing requirements and the possible use of a capacity design approach for
diaphragms needs to be investigated.

(e) Alternative seismic design methods for such buildings need to be explored.

1.2 Objectives

The objectives of this study are to investigate the dynamic behaviour and seismic
performance of low-rise steel buildings designed according to the provisions of the
NBCC (ACNBC 1995a) and CSA Standard S16.1-94 (CSA 1994) and thus to make
recommendations for:

(a) seismic design including loads in the NBCC,

(b) design of steel members and connections in CSA Standard S16.1,
(c) design of non-structural components, and

(d) further experimental and analytical research.

In addition, an alternative seismic design method based on specifying limiting
displacements is reviewed and evaluated by applying it to the design of low-rise and

medium-rise buildings.



The buildings in this study have concentrically braced frames (CBFs) as the

vertical LLRS as it is the most commonly used system.

1.3 Scope

The work includes:
(@) A review of literature on the seismic behaviour and analytical modelling of low-rise
steel buildings and their constituent components such as CBFs, steel deck diaphragms,
and non-structural elements.
(b) The development of a methodology for seismic evaluation of such buildings. This
involves; (i) design of single-storey and two-storey buildings in various seismic zones of
Canada according to the provisions of the NBCC (ACNBC 1995a) and CSA Standard
S16.1-94 (CSA 1994), (ii) definition of the performance level intended of these buildings
in the design earthquake, (iii) specification of earthquake ground motion consistent with
the performance level to be investigated, (iv)selection of appropriate analytical
procedures to obtain the earthquake response of such buildings, (v)development of
analytical models that simulate the dynamic behaviour of low-rise buildings observed in
field measurements on an existing building, (vi) specification of acceptance criteria for
the structure and its components, and (vii) formulation of design and detailing
recommendations for such buildings based on their seismic performance.
(c) A review of an alternative seismic design philosophy for buildings based on
specifying limiting displacements and comparing it qualitatively to the current design
philosophy that uses accelerations as the basis.
(d) Application of this alternative seismic design method to both low-rise and
medium-rise steel buildings that use CBFs as the LLRS. This constitutes a feasibility
study to evaluate the design method, identify potential difficulties in its application, and

address issues concemning design office implementation.

1.4 Organization of the thesis

The thesis consists of eleven chapters. Chapter 1 deals with the introduction,
objectives, and scope. Chapter 2 reviews some basic concepts of earthquake resistant

design of steel structures. Chapter 3 is a literature review on the seismic behaviour and



analytical modelling of CBFs, steel deck diaphragms, and non-structural elements.
Chapter 4 describes the methodology adopted for evaluating the seismic performance of
low-rise steel buildings designed to the specifications of the NBCC (ACNBC 1995a) and
CSA Standard S16.1-94 (CSA 1994). Chapter 5 reports on studies carried out on a
single-storey building. Chapter 6 assesses the effect of overstrength in the LLRS of a
single-storey building. Chapter 7 reports on studies carried out on a two-storey building.
Chapter 8 reviews an alternative displacement-based seismic design method. Chapters 9
and 10 report on the application of this design method to an eight-storey and a two-storey
building, respectively. In Chapter 11 the work is summarised and recommendations are
made for the design of CBFs. Features of the displacement-based seismic design method
are presented and design displacement spectra are proposed. A seismic design strategy is
proposed as a function of the seismic zone, that considers the importance of the structure,
the limit states and goveming criteria such as tolerable damage levels, initial and
rehabilitation cost implications, and suggests appropriate methods for design and

analysis. Recommendations are made for further experimental and analytical work.



2. EARTHQUAKE-RESISTANT DESIGN

2.1 Introduction

This chapter reviews the basic concepts of earthquake resistant design of steel
structures. The characteristics of earthquake ground motion and the concept of an
earthquake response spectrum and design spectrum is described. The
earthquake-resistant design provisions of the NBCC (ACNBC 1995a) are discussed. The
lateral load resisting systems (LLRS) in steel framed structures are described. The design
philosophy for concentrically braced frames (CBFs) in the NBCC and CSA Standard
S16.1-94 (CSA 1994) is discussed.

2.2 Characteristics of earthquake ground motion

Earthquake ground motion is recorded as a time history of ground acceleration,
called accelerograms. Accelerograms are corrected for instrument error and baseline
adjustment, and are integrated to give the velocity and displacement time history. The
characteristics of ground motion that directly influence structural response are:

(a) the peak ground motion. This refers to the peak ground acceleration, PGA, peak
ground velocity, PGV, and peak ground displacement, PGD,

(b) duration of strong motion, and

(c) frequency content.

These characteristics depend on factors such as earthquake magnitude, source
mechanism, distance from source to site, geology of the travel path, and soil conditions at
the site (Naeim 1989). The peak ground motion influences the amplitude of vibration of
the structure. The duration affects the damage to a structure. The frequency content and
spectral shapes relate to the period of vibration of the structure. The ground motion is
amplified most when the frequency content of the ground motion and the vibration
frequencies of the structure are close together.

The PGA, commonly used to indicate severity of ground motions, is not the best
measure due to lack of correlation with observed damage in past earthquakes
(Campbell 1985). Recent studies suggest that the ratio of PGA to PGV, called a/v ratio,

is a good measure of ground motion as it correlates well with magnitude-distance



relationships used in seismology, is indicative of the frequency content and duration of
ground motion, and significantly influences the ductility demand of inelastic systems
(Zhu et al. 1988, Tso et al. 1992).

2.3 Earthquake response spectrum
A response spectrum is a plot of the maximum response of a single degree of
freedom (SDOF) system with different frequencies and damping ratios to a specific
ground motion. It is the most useful tool for the design of earthquake-resistant structures.
The equation of motion of a SDOF system subjected to ground motion is:
[2.1] MU +CU+KU = - MG,
where M, C, K, and ﬁg(t) are the mass, damping, stiffness, and ground acceleration,

respectively, and U, U, and U are the displacement, velocity, and acceleration of the

system relative to the ground. The mass is related to the stiffness and damping by

[2.2] K=o’M

[2.3] C=2oM

where o is the circular frequency and & is the damping ratio. Using [2.2] and [2.3], [2.1]
is written as

[2.4] U+280U0+ U= -0y

Equation [2.4] may be solved numerically to obtain the maximum relative
displacement of the system during the ground motion, S4, which is also called the spectral |
displacement. A plot of S4 versus the fundamental period, T (equal to 2 t/ ®), is called
the displacement response spectrum (DRS). The maximum force in the system is equal
to KSy4 Equating this to an equivalent static force M S,, where S, is the spectral
acceleration or pseudo-acceleration, gives
[2.5] S, = ©% Sy
The plot of S, versus T for a given damping ratio is called a pseudo-acceleration response
spectrum and is related to the maximum base shear in the system. Let S, be a

pseudo-velocity or spectral velocity such that the kinetic energy associated with it



(12 MS%) is equal to the maximum strain energy stored in the system (1/2 KS2).
Equating the two energy terms gives

[2.6] S, =Sy

The plot of S, versus T for a given damping ratio is called a pseudo-velocity response

spectrum. It is related to the maximum strain energy stored in the system during the
ground motion. The relations between the spectral quantities may be summarised as

[2.7] S, =08, = a?Sy

With this relationship, all three spectra can be plotted on a tripartite logarithmic plot.
Figure 2.1 shows such a plot for the N0O4W component of the Western Washington
earthquake of April 1949 recorded at the Olympia Highway Laboratory. At zero period,
the spectral acceleration is equal to the PGA. At very long periods, the spectral
displacement is equal to the PGD. Chopra (1995) states that a response spectrum may be
considered to consist of three regions; an acceleration sensitive region typically from O s
to 0.5 s, a velocity sensitive region from 0.5s to 3.0s, and a displacement sensitive

region thereafter.

2.4 Design spectrum

A response spectrum is unique to a given accelerogram and is therefore influenced
by all the factors that affect ground motion. For design purposes, the effect of several
earthquake events of various magnitudes, occurring at different distances from the site
may have to be considered. Hence, the response spectra from a number of accelerograms
are often averaged and smoothed to obtain a design spectrum that specifies the relative
strength of structures of different periods. Figure 2.l shows the design spectrum
specified in AppendixJ of NBCC (ACNBC 1995b) for the three cases that arise

depending on the relative value of the acceleration-related seismic zone, Z,, to the

velocity-related seismic zone, Z,.

Inelastic design spectra are obtained by reducing elastic design spectra to account
for inelastic behaviour (Newmark and Hall 1982) and are specified in building codes
when inelastic response is permitted in the design earthquake.



2.5 NBCC provisions for seismic design

The NBCC (ACNBC 1995a) uses the spectral acceleration-based approach to

specify the minimum lateral seismic force (base shear) for buildings as
[2.8] V= (Y—e-)U
R

where R is a force modification factor, U is a calibration factor (equal to 0.6), and V. is
the elastic base shear given by

[2.9] V. = (VSIF)W

W is the dead load plus 25% of the design snow load for most buildings. The factors v,
S, I, and F are defined as follows:

(a) v is the zonal velocity ratio that varies from O for the least seismic zone to 0.4 for
the highest seismic zone and corresponds to a PGV with a probability of exceedance of
10% in 50 years,

(b) S is the seismic response factor that varies with the period of vibration as shown in

Fig. 2.2. For periods less than 0.5s, S depends on both Z, and Z,, where Z, is the

acceleration-related seismic zone and Z, is the velocity-related seismic zone. The S

factor curve is an elastic design spectrum obtained by averaging several 5% damped
acceleration response spectra of accelerograms scaled to a PGV of 1m/s
(Tso et al. 1992),

(c) I is the importance factor and is specified as 1.5 for post-disaster buildings, 1.3 for
schools, and 1.0 for all other buildings, and

(d) F is the foundation factor that depends on the soil category at the site. It varies from
1.0 for rock to 2.0 for deep deposits of soft soil.

The force modification factor, R, depends on the type of LLRS used and varies
from 1.0 for systems with limited ductility to 4.0 for ductile systems. The elastic design
spectrum at any location is given by the product, vS. This spectrum is reduced by the
force modification factor, R, to give the inelastic design spectrum. The period of
vibration, T, has to be specified to obtain the S factor from Fig. 2.2. As the period is not
known a-priori, the period for CBFs is specified in the NBCC as:



0.09h,
[2.10] T =
vD;s

where h, is the height and D is the width of the CBF in metres. Alternatively,

Rayleigh’s method or any other analytical method may be used to estimate the period.
The base shear specified by [2.8] may be reduced up to 20% if the analytically computed
period is greater than that by [2.10]. The lateral seismic force is distributed over the
building height as lateral forces, F,, that act at each level, of magnitude

W, h
[2.11] Fp=(V-F) 47—

W, b

i=1
where W, is the weight at level ‘X’, h, is the height to level ‘x’, and F, is a force applied
at the roof level that is taken as zero for period, T, less than 0.7sand as 0.07TV for T
greater than 0.7 s, subject to a maximum of 0.25 V. This force increment at the roof level
is introduced to account for the effect of higher modes of vibration.
For floors and roofs acting as diaphragms, the lateral force for design is
[2.12] Vp, = vIS, W,

where v and I are as defined before, S; is 0.7, and W, is the tributary weight of the
diaphragm. However, the force F, from [2.11] is used if it is greater than V.

A minimum design torsional moment, T,, about the vertical axis of the building,

given by
[2.13] T, = F,(15e, £0.1D,),and
[2.14] T, = F,(05e, £0.1D,)

is considered, where e, is the structural eccentricity and D,, is the dimension of the

building perpendicular to the direction of seismic load. The product 0.1 F, D, is the

minimum accidental torsion that must be considered even when the structural eccentricity

1s zero.

The anticipated deflection, §;, of the structure in an earthquake is assumed equal
to the product of the deflection, §,, obtained from a linear elastic analysis under the

forces, F, (from 2.11), and the force modification factor, R. Thus,



[2.15] 5 = R3,
The allowable interstorey drift is specified as 1% of the storey height for
post-disaster buildings and 2% for all other buildings.

2.6 Lateral load resisting systems in steel framed structures

All buildings must have a structural system to resist lateral loads due to
earthquakes. Concentrically braced frames (CBFs), moment resisting frames (MRFs),
and eccentrically braced frames (EBFs) are the common vertical LLRS in steel framed
buildings. Alternatively, steel plate shear walls, base isolation techniques, and energy
absorbing elements in braced frames are also used.

CBFs are used extensively in low-rise buildings. They are appropriate in
situations with low to moderate ductility demand. CBFs have simple beam to column
connections. Lateral stiffness and strength are provided by diagonal braces that are
attached concentrically to the beam to column connection by means of gusset plates.
Energy dissipation is provided by the ability of the braces to yield in tension. The braces
may also be designed to buckle inelastically in compression. CBFs are economical due to
the relative ease in design, detailing, and construction, and are efficient because the
members are primarily subjected to axial loads. CBFs are stiff systems and provide good
control of lateral drift and thus damage to non-structural components is minimised.
Damaged brace members can also be replaced with relative ease. This system is not
preferred in high seismic zones due to its low redundancy. The absence of alternative
load paths may lead to severe consequences should components fail. The compressive
resistance of diagonal braces tends to degrade under cyclic loading and thus the frame
may deteriorate substantially in strength and stiffness. Frames that rely only on the
tension diagonal to resist lateral force may have components subject to impact loads due
to slackness that can develop in the diagonals.

MRFs have beam to column connections that are capable of transferring moment.
They are more ductile than CBFs. Energy dissipation takes place by flexural yielding in
plastic hinges that are formed at the ends of the members. This system causes no
obstruction between the columns and thereby gives maximum freedom in interior

planning and fenestration. It is also highly redundant. Hence, it is preferred in high
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seismic zones. It is a rather flexible system and may not provide adequate drift control.
Consequently, non-structural components may be damaged in moderate events.
Furthermore, the frame design is often governed by stiffness considerations rather than by
the strength of the individual members. This has lead to the evolution of dual systems
comprising both CBFs and MRFs. The former provides drift control in moderate but
frequent events and the latter provides the ductility required to survive an extreme event.

EBFs combine the advantages of CBFs and MRFs. They have beam to column
connections that are capable of moment transfer. In addition, braces are provided that
have at least one eccentric connection. The force in the brace is transferred through a
‘link’ element to the beam to column connection. EBFs are detailed to dissipate energy
by shear yielding or flexural yielding in the link elements only. The braces are designed
to remain elastic (and not to buckle).

The earthquake force on roof and floor diaphragms is an in-plane horizontal load
that is resisted by diaphragm action wherein the diaphragm web (roof or floor deck)
resists the shear force while the flange members (diaphragm chords) resist the bending
moment. Horizontal bracing may also be provided in the plane of the diaphragm to
increase its shear capacity.

Of the three vertical LLRS described above, this study deals with CBFs only as it

is the most common system used in low-rise steel buildings.

2.7 Design philosophy for CBFs

CBFs are vertical cantilever trusses. Some common configurations are shown in
Fig. 2.3. Earthquake excitation results in lateral inertia forces at each floor level. The
resulting storey shear is resisted by the diagonal bracing. The overturning moment is
resisted by tensile and compressive axial forces in the columns of the braced bay. The
diagonal bracing may be designed as tension members only or as tension-compression
members. The former relies on the tension diagonal only to resist the storey shear while
the latter relies on both.

The NBCC classifies CBFs into the three categories of: ductile braced frame
(DBF), nominally ductile braced frame (NDBF), and ordinary (strength) braced frame
(SBF) having force modification factors, R, of 3.0, 2.0, and 1.5, respectively. CSA
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Standard S16.1-94 (CSA 1994) specifies detailing that endeavours to provide ductility
that is consistent with the R factor assumed in design. Each category has to meet the
strength requirement of the Standard, i.e., each must resist the lateral load specified by the
NBCC. In addition, DBFs and NDBFs have to satisfy special detailing provisions
outlined in clause 27 of the Standard that is often referred to as the ‘ductility design’
process (Redwood and Channagiri 1991).

The diagonal bracing in a DBF is detailed to absorb significant energy by yielding
in tension and inelastic buckling in compression. Brace configurations such as chevron
(V-bracing) and K-bracing are not permitted in view of the problems anticipated in their
response (Redwood and Jain 1992). A tension-only bracing system is also not permitted
due to its limited energy absorbing capacity and lack of redundancy. Severe limits are
imposed on the slenderness ratio of the braces and the width-thickness ratio of the brace
cross-section to ensure good ductility. The brace connections, beams, and columns are
designed for loads induced by yielding of the braces.

A NDBF is detailed to absorb a limited amount of energy. Some restrictions are
imposed on the selection of diagonal braces. A tension-only bracing system may be
adopted provided that the beams, columns, and brace connections are designed for the
possible overload due to impact.

SBFs are anticipated to respond elastically in an earthquake and no provisions are
outlined to ensure ductile behaviour. They are assigned an R factor of 1.5 in view of the
inherent ductility of structural steel. Often, they are designed so that the lateral load is
resisted entirely by braces in tension. Such CBFs are also referred to as tension-only
concentrically braced frames. The brace diagonals are slender and buckle elastically
under low compressive load. The NBCC does not permit the use of such frames in
buildings more than three storeys high in acceleration or velocity related seismic zones of
2 and higher.

Low-rise buildings use SBFs extensively. The only limitation placed on the
braces is that their effective slenderness ratio should not exceed 300 for use as tension

members, and should not exceed 200 if they are to resist significant compressive loads.
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2.8 Some concerns in design practice

Some questions that arise in applying the NBCC 1995 provisions to the seismic
design of steel buildings with CBFs are:
(@) Do current design procedures result in CBFs that are of consistent performance in
all seismic zones, or are more stringent design requirements needed in the higher zones ?
(b) Is the empirical expression for estimating the period of braced frames valid for
CBFs with and without flexible diaphragms ? Should the design period be a function of
the seismic zone ?
(c) Are current procedures adequate for the design of metal diaphragms and their
connections ?
(d) Is the consideration of non-structural components with respect to their contributions

to stiffness and strength, and their susceptibility to damage, adequate ?

13



10 m———r<;

N A

7S

/%\
1.0 AN

N

\

Z — N
g
& S| Za=/ :
2 N7 4 3
> NN i o
= /V / % L
B 725% 4 g
@ : o
=3 ! o
7)) 0.1 \x A s. Sl
-~ 7~ Western Washington, April 1949 —.Z—S_
7T 7 ‘ ANREA
N NN PARNVAEIN T N
AfrZa<Zv_N_| A | AN NZARVANE
4 LN ANZEEN - /N
i . |
e AN N
d \\ //)< N // N LS
01 N l A | N\
)| 0.1 1.0 10

Period (s)
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Figure 2.2 Seismic response factor S for NBCC (1995)
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3. LITERATURE REVIEW

3.1 Introduction

Analytical modelling of buildings for earthquake response analysis requires
definition of the cyclic force-deformation behaviour of the structural and non-structural
elements in the lateral load path. Previous studies on the experimental behaviour and
analytical modelling of concentrically braced frames (CBFs), steel shear diaphragms,

non-structural components, and low-rise steel buildings are reviewed.

3.2 Concentrically braced frames
In the following, the performance of CBFs in past earthquakes, experiments on

brace members and connections, and analytical modelling of the cyclic behaviour of
braces are reviewed. The factors affecting the inelastic seismic response of CBFs are

identified.

3.2.1 Performance in past earthquakes

The American Iron and Steel Institute (AISI1991) has documented the
performance of engineered steel buildings in 11 major earthquakes that have occurred
over the past three decades. The seismic performance of CBFs has been variable. Most
of the damaged frames were in minor structures that had rod or angle braces as the
tension bracing. Typical damage patterns observed were buckling of braces, fracture of
brace members at welded splices, fracture at the net section in bolted connections, and
fracture in gusset plates. In most of the buildings investigated, the gravity load carrying
system was relatively undamaged. Consequently, collapse of an entire building due to
failure in the CBF was rare. The damage to CBFs is considered to be largely a result of
poor detailing, inadequate design of connections, and a rather low lateral design force for
the frame (Walpole 1985).

Tremblay ez al. (1995) investigated the damage to steel buildings with CBFs in
the Northridge earthquake of 1994. Although no collapse of steel buildings occurred,
there were numerous occurrences of in-plane and out-of-plane brace overall buckling,

tension yielding and fracture of braces, buckling and bending in gusset plates, uplifting of
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columns of the CBF, and significant damage to non-structural elements. Several large
braces composed of hollow structural sections developed brittle cracks due to excessive
strains because of local buckling.

Tremblay et al. (1996) carried out similar investigations in the Hyogo-ken Nanbu
(Kobe) earthquake of 1995. Most buildings surveyed had tension-only X-bracing or
chevron bracing with rods, angles, flat bars, round tubes, wide flange sections, square
tubes, and channels used as braces. Damage in the smaller braces consisting of rods,
angles, and flat bars was more severe than in the larger braces. Brittle fracture at bolt
holes and welded connections was typical. The slender tension-only bracing experienced
inelastic stretching and developed significant slackness. However, some tension-only
CBFs with well-designed brace connections performed well. The slender braces buckled
almost elastically and were less susceptible to low cycle fatigue. In addition, the gussets
were subjected to lower loads due to the limited compressive capacity of the slender
bracing. Tension-compression braces showed signs of low-cycle fatigue fracture at
plastic hinge locations, fracture of bolted brace to gusset connections, and failure of the
welded connections between the gusset and the frame. The out-of-plane buckling of the
braces also caused failure in adjacent wall partitions. Local buckling and brittle fracture
in the columns of the CBF were also observed. Several severely damaged buildings
survived collapse due to redundancy in the lateral load resisting system (LLRS). This
investigation reiterated the need for well designed connections in CBFs and redundancy

in the LLRS.

3.2.2 Tests on brace members and connections

In the following, results of cyclic tests on brace members typically used in CBFs
are reviewed. These tests serve a two fold purpose: they help in formulating provisions
for detailing of brace members and connections; they also provide experimental data that

is useful for the mathematical modelling of brace behaviour under cyclic loading.

3.2.2.1 Kahn and Hanson (1976)

In one of the earliest experimental investigation on the hysteresis behaviour of

steel members, Kahn and Hanson (1976) tested 16 small hot-roiled steel bars with a
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rectangular cross section of 25.4 x 12.7 mm. The bars were welded to steel plates at
either end. The effective slenderness ratio, KL/r, ranged from 85 to 210. All bars were
preloaded to yield in tension and then subjected to cyclic axial load. Each cycle consisted
of loading to a prescribed displacement into the post-buckling region followed by tension
loading to the elastic limit and then return to zero load.

The first cycle buckling load was found to be somewhat less than that predicted
by the Column Research Council formula (Johnson 1966). The maximum compressive
load reduced progressively with increasing number of cycles. The greatest reduction was
observed between the first and the second cycles. With increasing number of cycles, the
maximum compressive load became almost constant for a given KL/r ratio. All
specimens exhibited a net elongation after a complete cycle of deformation. Short
columns were found to dissipate greater energy for the same relative deformation than
long columns. The dynamic hysteresis behaviour was almost the same as the static
hysteresis behaviour for all KL/r ratios. A similar observation had been made by
Hanson (1966) in tests on steel structures.

3.2.2.2 Jain et al. (1978)

Jain et al. (1978, 1980) investigated the hysteresis behaviour of small tube and
angle specimens. They tested 17 cold-rolled steel tube specimens with a nominal cross
section of 25 x 25 mm and a wall thickness of 2.67 mm. Hot rolled gusset plates of
various sizes were welded to the members to form the end connections. The gussets had
greater axial strength than the tubes. The flexural strength of the gussets was varied so
that some had less flexural strength than the tube (weak gussets) while others had greater
flexural strength (strong gussets). The KL/r ratio of the tubes ranged from 30 to 140.
The specimens were annealed before testing. The angle sections were hot-rolled single
angles of size ranging from 25 x 25 x 6 mm to 40 x 40 x 3 mm. These specimens were
welded to steel end plates. The KL/r ratio of the angles ranged from 85 to 120. All tube
and angle specimens were pretensioned to yield and then subjected to cyclic axial load.

The KL/r ratio was found to be the single most important parameter that
influenced the hysteresis behaviour. The flexural stiffness of the connection affected the

effective length factor, K. Hence, its effect was similar to that of a change in the KL/
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ratio. For a given KL/r ratio, the connection flexural strength (i.e., presence of a weak or
a strong gusset) did not have any significant effect on the hysteresis loops. It influenced
the mode of buckling and failure of the tube specimens only. Tube specimens with weak
gussets buckled in a plane perpendicular to the gusset and did not develop any cracks at
the welds. Those with strong gussets buckled in a bi-axial mode and developed cracks
only if the KL/r ratio was less than 80. All angle specimens buckled about the minor
principal axis and no cracks were observed. This lead the investigators to conclude that
weak gussets should be used to avoid bi-axial buckling. Local buckling did not influence
the hysteresis behaviour of the tube specimens; some effect was noticed in the angle
specimens. A comparison of the hysteresis loops of tube, angle, and bar specimens
indicated that the hysteresis behaviour was influenced by the shape of the cross section.
Reasons cited for the difference were heat treatment, strain hardening, residual stresses,
the Bauschinger effect, and local buckling.

The first cycle buckling load for tube specimens was slightly greater than that
predicted by the AISI Specifications. For angle specimens, the load predicted was in
good agreement with measured capacity. Residual elongation or ‘growth’ of the member
was found to be directly proportional to the maximum displacement in compression and
inversely proportional to the KL/r ratio. The reduced compressive capacity due to cyclic
buckling ranged between 0.3 to 0.6 times the compressive resistance of the original
column and was expressed as an empirical function of the KL/r ratio, as shown in

Fig. 3.1.

3.2.2.3 Popov and Black (1981)

Popov and Black (1981) carried out cyclic tests on 24 struts of rolled steel shapes.
These included wide flange, structural T, thick and thin walled circular pipe and tube
sections, and built-up double angle and double channel sections. The struts had either a
pinned-pinned or a pinned-fixed end condition and a KL/r ratio of 40, 80, or 120.

The KL/r ratio was found to control the hysteresis behaviour. Members with a
KL/r ratio of 80 and 120 exhibited pinched hysteresis loops. The end condition of the
specimen had a minor effect on the hysteresis loop for the same KL/r ratio. The cross

sectional shape had little influence on the hysteresis behaviour. The shapes were ranked
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in order of decreasing performance as follows; tube, wide flange, structural T, double
channels, and finally double angles. The difference in performance was attributed to the
susceptibility of the members towards lateral-torsional buckling, local buckling, and in
the built-up members, web buckling between stitch fasteners. The pattern of loading was
found to influence the first cycle buckling load of the member. Those members that were
initially loaded to yield in tension could only attain a compressive capacity which was
0.75 times that of the original specimen. The reduced compressive resistance in
subsequent cycles of loading could be predicted approximately by applying load
reduction factors to the compressive resistance of the original specimen. These reduction
factors accounted for the Bauschinger effect and for the residual curvature developed in

the plastic hinges.

3.2.2.4 Astaneh-Asl et al. (1985)
Astaneh-Asl et al. (1985a, 1985b, 1986) carried out cyclic tests on 17 full size,

double angle specimens. The angles were stitched together and were connected to end
gusset plates with bolts or fillet welds. Some specimens were designed to buckle in-plane
and others out-of-plane. The direction of buckling had a significant influence on the
cyclic behaviour and the failure mode. The in-plane buckling specimens behaved as
fixed-ended columns. One plastic hinge formed at mid-span while the other two formed
within the member at the connection to the gusset. The out-of-plane buckling specimens
behaved as pin-ended columns. One plastic hinge formed at mid-span while the other
two formed within the gusset plate. The provisions for stitch fasteners in accordance with
the AISC Specification (1978) were found to be inadequate for double angles. The
investigators recommended; (a) an adequate free length of gusset plate be provided to
allow for the formation of the plastic hinge and to improve the ductility of the gusset,
(b) connections be designed for the yield strength of the brace members, and (c) stitch
welds be designed for an eccentric force equal to half the yield capacity of a single angle.

3.2.2.5 El-Tayem and Goel (1986)
El-Tayem and Goel (1986) conducted cyclic tests on five full-scale single angle

and one double angle X-braced specimens. The members had end gusset plates and fillet
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welds were used for all connections. At small deformation levels, the complete
compression diagonal showed symmetrical lateral deformation in the out-of-plane
direction. At large deformation levels, only one half of the compression diagonal buckled
about the weak axis where the tension diagonal provided some restraint to the
compression diagonal. The investigators concluded that the design of X-braced systems
should be based on consideration of the effective length of one half the diagonal only.
An effective length of 0.85 times the half diagonal length was suggested for X-braced
systems made from single equal leg angles.

3.2.2.6 Walpole (1995)
Walpole (1995) carried out cyclic tests on three cold-formed 150 x 100 x 6 mm

hollow sections with a specified yield stress of 350 MPa. The overall slenderness ratios
were 40, 60, and 80 with a fixed-fixed end condition for the first and pinned-pinned end
condition for the other two.

Local buckling occurred relatively quickly. The magnitude of the local buckles
increased under cyclic loading and eventually lead to fracture. The specimen with
slenderness ratio of 80 formed a local buckle in the plastic hinge at mid-span when it was
compressed to four times the yield elongation. The member was then stretched to 5 times
the yield elongation, that is, a ductility ratio of 5. After a cycle at a ductility ratio of 10,
cracks occurred in the comers of the section and fracture followed. The specimen with
slenderness ratio of 60 formed a local buckle that grew in size with number of cycles.
Fracture occurred in the member after a cycle at a ductility ratio of 10. The specimen
with slendemness ratio of 40 formed a local buckle at a ductility ratio of 3. After a cycle
at a ductility ratio of 5, a major crack formed under tensile loading. Local buckling was
more significant with the less slender specimen. Walpole recommended more stringent

width-thickness ratio for cold-formed sections in high seismic zones.

3.2.2.7 Rabinovitch and Cheng (1993)
Rabinovitch and Cheng (1993) investigated the cyclic behaviour of steel gusset

plates. A ‘strong brace-weak gusset’ design was employed wherein the gusset was

designed to dissipate energy by buckling in compression and yielding in tension and the
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brace was designed to remain elastic. The cyclic loading did not affect the tensile
capacity of the gusset but caused a reduction in its compressive resistance. The provision
of extra length for the free formation of a plastic hinge in the gusset, as recommended by
Astaneh-Asl et al. (1986), was found to be questionable as it resulted in reduced stiffness
and compressive resistance of the gusset. Gusset plates with stiffeners were found to

exhibit a more stable post buckling behaviour than unstiffened ones.

3.2.3 Analytical modelling of brace behaviour

The behaviour of braces under cyclic loading has been modelled in several ways.
Some of the early models shown schematically in Fig. 3.2 include (a) elastic behaviour
only, (b)tension-yield and compression-buckling, and (c) tension-yield and
compression-yield. The elastic model is appropriate in situations where no yielding in
tension and buckling or yielding in compression is anticipated. The tension-yield and
compression-buckling model is appropriate for slender braces with low compressive
resistance. The tension-yield and compression-yield model is appropriate for short braces
that do not buckle in compression. None of these models is considered appropriate for
braces of intermediate length (that are most prevalent) that buckle inelastically in
compression. These models either under-estimate or over-estimate the energy dissipated
in the compression region of the hysteresis loop. Hence, significant research has been
directed towards analytical modelling of intermediate length braces (Nakashima and
Wakabayashi 1992).

The complexity of modelling the axial hysteresis behaviour of intermediate length
braces is best described with an idealized hysteresis loop for a pin-ended member as
shown in Fig. 3.3. A typical hysteresis loop is composed of several characteristic zones.
Zone OA represents the elastic compression of a virgin column up to its critical buckling
load at point A. Zone AB is characterised by a constant axial load accompanied by
column shortening due to lateral displacement, A. The P-A moment results in a plastic
hinge at mid-span and a mechanism is formed. Zone BC describes the compression
induced plastic rotation of this mechanism. ZonesCD and DE represent elastic
unloading and tension reloading of the brace, respectively. The stiffness in these zones is
significantly less than that in zone OA due to residual curvature of the brace. With an

23



increase in axial load along path EF, the strut elongates and gradually straightens. This is
accompanied by an increase in stiffness. The P-A moment now causes the plastic hinge
to rotate in the opposite sense until all plastic rotation is recovered. The brace becomes
straight at point F. Zone FG represents uniaxial yielding of the member. This zone may
have some stiffness due to strain hardening.

Ikeda and Mahin (1986) have reviewed brace models and classified them into
three general categories; finite element, physical theory, and phenomenological models.

In finite element models, the brace is discretised into a number of elements with
elastic or elastic-plastic constitutive laws. These models can provide realistic
representation of brace behaviour. However, they are computationally expensive for
practical analyses of large structures. Their use has therefore been restricted to analysis
of individual brace members and end connections.

Physical theory brace models are formulated with simplified theoretical
assumptions that are based on physical considerations. The input parameters for these
models are based on material, geometric, and engineering properties of the brace (e.g., the
cross sectional area, moment of inertia, effective length, and plastic section modulus).
The geometric representation of a brace is considerably simpler than that in a finite
element model. The brace member is typically modelled with two elastic beam segments
connected to a plastic hinge at mid-span. Analytical expressions for the axial force
versus axial deformation behaviour of the brace are derived on the basis of the classical
beam-column equation and a plastic flow rule for the plastic hinge. This approach has
been used by Higginbotham and Hanson (1976), Nonaka (1977),
Prathuangsit et al. (1978), Ikeda and Mahin (1986), and a few others. However, these
models were also considered unsuitable for dynamic analysis due to the highly nonlinear
analytical solutions that require iterative solution schemes. Furthermore, they cannot
account for a reduction in compressive resistance due to cyclic buckling and the residual
elongation that is observed in experiments. These factors can only be accounted for by
introducing some empiricism into the models.

Phenomenological models (Jain et al. 1980, Maison and Popov 1980, Andreaus
and Gaudenzi 1989) mimic the observed hysteresis loops of a brace with piecewise linear

approximations. This is the most common approach adopted for dynamic structural
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analysis. These models are based on linearization of the physical theory models to avoid
an iterative solution and give the most realistic result when calibrated against experiment.
They account for effects such as the reduction in compressive resistance and residual
elongation by using empirical equations that are derived from regression analyses of

experimental data.

3.2.4 Factors affecting the inelastic seismic response of CBFs

The inelastic seismic response of a CBF depends on the following factors:

(a) Behaviour of the braces in compression. Most braces are of intermediate length and
buckle inelastically. The maximum compressive load occurs only briefly, and within a
narrow range of compressive strains. The compressive load capacity reduces
significantly as the brace buckles and affects the behaviour of the CBF. Brace buckling is
accompanied by a redistribution of forces from the compression braces to the tension
braces which affects the distribution of forces in all elements of the braced bay. The
effective slenderess ratio of the brace, KL/r, is the single most important parameter that
influences its compressive behaviour and the shape of the hysteresis loop. Braces with a
KL/r ratio exceeding 80 have pinched hysteresis loops. A greater KL/r ratio also results
in a lower compressive resistance that makes the hysteresis loop more asymmetric. The
post-buckling capacity of a brace diminishes with repeated cycles of loading. This
reduction due to cyclic buckling depends on: (i) KL/r ratio of the brace, (ii) residual
curvature from buckling in previous cycles, (iii) extent of tensile yielding, and
(iv) number of alternating tension-compression cycles,

(b) Configuration of the bracing. Chevron (V-bracing) and K-bracing have an inherent
disadvantage over X-bracing due to the brace configuration. The compression and
tension brace have unequal capacities so that once the compression brace buckles, there is
an unbalanced load that has to be resisted by beams in the V-bracing or columns in the
K-bracing,

(c) The number of storeys in the CBF. Once the braces in a particular storey yield,
there is a tendency to form a “soft storey’ sway mechanism where yielding is localized in

that storey only,
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(d) Design and detailing of connections between the braces and the surrounding beams
and columns of the braced bay. The connections should have adequate strength and
toughness so as not to fail under loads induced by brace yielding or buckling, and

(¢) Characteristics of the earthquake ground motion.

3.3 Steel shear diaphragms

Light gage steel shear diaphragms are used extensively as roof and floor
diaphragms in steel buildings. They transfer dead and live load to the gravity load
resisting system and provide lateral stability to the structure by transferring in-plane
lateral loads to the vertical LLRS.

The basic unit of a diaphragm is an individual panel. Each panel is composed of a
number of elements, namely, the corrugated steel sheeting, primary supporting members
(rafters), secondary supporting members (purlins), shear connectors, sheet to purlin
fasteners, and seam fasteners, as illustrated in Fig.3.4. For design purpose, the
diaphragm is considered analogous to a deep plate girder that is supported by the vertical
LLRS. The panels make up the web and carry the shear force and the flange members
(also called diaphragm chords) resist the bending moment. Roof diaphragms are flexible
as compared to concrete topped floor diaphragms that are relatively rigid.

3.3.1 Assessment of stiffiness and strength

The stiffness and strength of a diaphragm must be assessed for its design. The
stiffness of a diaphragm is affected by profile distortion of the corrugated sheeting, shear
deformation of individual panels, stiffness of the various fasteners, and axial stiffness of
the flange members. The shear strength is a function of the seam strength, the strength of
the shear connectors, the strength of the sheet to purlin connection, and the shear buckling
strength of individual panels.

Davies (1976, 1977) suggests three approaches to estimate the stiffness and
strength of a diaphragm: (a) experimental tests, (b) approximate methods, and (c) finite
element analysis. Of the three, the approximate methods such as the Tri-Service method
(NAVFAC 1982, CSSBI 1991), the SDI method (Luttrell 1981), and the European
method (Davies and Bryan 1982) are widely used.
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The Tri-Service method is based on test data from welded diaphragms. The
stiffness and strength of a deck are tabulated as a function of its span, profile depth, sheet
thickness, and the weld layout. The CSSBI manual (1991) adapts the Tri-Service method
for limit states design in Canada. This method is applicable to welded decks only. It
cannot account for non-standard weld patterns. Further, failure modes cannot be
explicitly identified.

The European method (Davies and Bryan 1982) is the most comprehensive
diaphragm design method developed to date. Detailed expressions to estimate the
diaphragm stiffness and strength are given. These are based on an assumed internal force
distribution within the panel. Extensive tests and finite element analyses of cantilever
diaphragm panels have been made to justify them. It is applicable to welded or
mechanically fastened decks and can account for non-standard fastener layout. It is ideal
for seismic design of diaphragms as one can explicitly identify failure modes and ensure a

ductile failure.

3.3.2 Behaviour under cyclic loading

Tests on diaphragm panels typically employ a monotonic loading. Information on
their hysteresis behaviour is scarce. Most failure modes of a diaphragm will involve
shear failure of the fasteners. Experiments on fasteners indicate that they have adequate
fatigue life (Davies and Bryan 1982). Mazzolani (1994) has reported cyclic tests of
various fasteners used in diaphragm design. Spot welds were found to have the best
hysteresis behaviour followed by screws and finally rivets.

Strnad and Pimner (1978) carried out dynamic shear tests on full scale sheeting
panels with loading that simulated the gust effect of wind. The hysteresis loops observed
were repeatable and became pinched with increasing level of deformation. The dynamic
loading did not affect the strength or the fatigue life of the panels.

3.4 Non-structural elements

A building has many non-structural elements such as the exterior cladding and
interior partitions. The exterior cladding is typically made up of glass, metal, masonry,

and precast concrete. Interior partitions typically consist of metal or wood stud frames
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with gypsum wallboard or plywood facing. Traditionally, the stiffness and strength
contributions of these elements are ignored in seismic design. They are assumed to be
either isolated from the structural frame so that no interaction occurs, or brittle enough to
fail at low drift during an earthquake.

There is evidence of the interaction between structural frame and non-structural
elements. Palsson e al. (1984) performed vibration tests and analytical studies on a
25 storey steel building with precast concrete cladding panels. The cladding was found to
contribute significant lateral stiffness that affected the dynamic response bf the building.
The difference between the measured and computed deflection in clad steel frames
suggests that the cladding contributes to the stiffness (Strmad and Pimmer 1978,
Sockalingam et al. 1994). Several low-rise steel building systems used in Britain, as
cited by Davies and Bryan (1982), rely substantially on structural cladding for lateral
stiffness and stability. Steel cladding has also been used to reduce drift due to wind in
high-rise buildings (Tomasetti et al. 1984). Cohen and Powell (1993) have suggested the

use of steel cladding panels with energy-dissipating connections for seismic design.

3.4.1 Tests on non-structural partitions

Experimental data on the stiffness and strength characteristics, and the damage
threshold of common non-structural partitions is rather scarce. Previous experimental

work is reviewed below.

3.4.1.1 Freeman (1977)

Freeman (1977) reports on racking tests carried out on 54 wall panels that were 8
feet high by 8 feet long of gypsum wallboard, plaster, plywood, and combinations of
plywood and gypsum wallboard. The frames were of wood or metal stud construction.
On cyclic loading, the first signs of distress were observed at a drift ratio of 0.0025. The
ultimate load capacity was attained at a drift ratio of 0.008. Gypsum wallboard panels of
1 inch equivalent thickness had a tangent modulus of rigidity, G, varying from 40 MPa to
120 MPa, and a secant modulus of 30 MPa at a drift ratio of 0.003.
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3.4.1.2 Rihal (1986)

Rihal (1986) performed cyclic racking tests to study the earthquake resistance and
damage threshold of 10 feet high by 8 feet long wood-stud framed partitions with
1/2 inch gypsum panels on either side. Partitions that were well anchored to the floor by
means of holdowns were capable of resisting cyclic load. Damage to the partitions
initiated by crumbling of gypsum board around nail-heads at a drift ratio of 0.002.
Severe damage to the partitions occurred at drift ratios from 0.007 to 0.010 and
comprised failure of taped joints in the gypsum board and a further increase in crumbling

of gypsum board around nail-heads.

3.4.1.3 Adham et al. (1990)

Adham ez al. (1990) conducted racking tests oa 6 gypsum wallboard panels that
were 8 feet high by 8 feet long and were supported on a lightgage steel framing system
with diagonal straps. The wallboards developed local cracks at comers at a drift ratio of
0.005. An increase in the area of diagonal straps increased the overall load carrying
capacity of the panel at intermediate and high drift ratios. Under cyclic loading, the panel
stiffness and strength degraded by 15% and 40%, respectively. The average value of

equivalent viscous damping was about 12%.

3.4.1.4 Mazzolani et al. (1996)

Mazzolani et al. (1996) performed monotonic and cyclic tests on steel cladding
panel assemblies. In the monotonic tests, the maximum load was attained at a drift ratio
of about 0.016. In cyclic tests of panel assemblies that were fastened with bolts to the
external frame and with self-tapping screws as seam fasteners, slip-type hysteresis loops
were obtained with low energy dissipation. The fastener holes ovalized and consequently
force transfer occurred only when the fasteners came into bearing against the sheet at the
end of the holes.

3.5 Analytical studies on low-rise steel buildings with CBF's

Only a few analytical studies on low-rise steel buildings are reported in literature.
However, recent earthquakes such as the Loma Prieta earthquake of 1989, the Northnidge
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earthquake of 1994, and the Kobe earthquake of 1995 have caused researchers to focus
attention on such buildings.

Montgomery and Hall (1979) investigated the inelastic seismic response of a
three-storey steel building with tension-only bracing. Maximum inelastic response from
time history analyses was observed in the first storey. Once yielding occurred in this
storey, the upper storeys remained largely elastic. The P-A effect was found to increase
the inelastic drift of the CBF by only 1.03 times.

Dumanoglu and Severn (1985) investigated the dynamic behaviour and seismic
response of Clasp-type buildings (that use minimal diagonal bracing and rely on the
cladding for stability). Experiments on a full-scale three-storey building and studies with
analytical models were both performed. Damping of about 8% to 13% was estimated
from vibration tests on the structure. The stiffness contribution from the cladding
influenced the frequencies of the building significantly. The dynamic response of
calibrated computer models of the building to recorded ground motion indicated no sign
of distress in both the diagonal bracing and the cladding.

Naman and Goodno (1986) performed a detailed seismic evaluation of an existing
two-storey office building that was designed for gravity and wind loads only. The effect
of roof diaphragm flexibility was investigated with a three-dimensional computer model
of the building and was found to affect the lateral load distribution to the frames
significantly. The earthquake load was found to be the governing lateral load case for
design.

Léger and Romano (1992) investigated the response of a two-storey building with
tension-only X-braced CBFs to the Saguenay earthquake of 1988. The ductility demand
on the braces was found to depend on the real strength of the LLRS (as against the code
specified design base shear). They suggested that this overstrength should be explicitly
considered in design.

Tremblay and Stiemer (1996) investigated the nonlinear seismic response of 36
rectangular single-storey steel buildings designed to the prevailing Canadian practice.
The analytical models accounted for flexible diaphragm behaviour and nonlinear
behaviour of the CBF. The analytically computed fundamental period of the buildings
was found to be significantly greater than the empirical estimate in the NBCC
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(ACNBC 1990). The lateral force on the roof diaphragm was also found to exceed the
design force recommended in the NBCC and an amplification factor of 2.3 was proposed
on the design bending moment. The maximum lateral drift of the buildings was reported
to be within the NBCC limit of 0.02 times the building height. The ductility demand on
the CBF was rather high with values up to 80 reported.

3.6 Summary

The experimental work on brace members and their connections, steel shear
diaphragms, and non-structural elements under cyclic loading is relatively limited.

Further cyclic tests on full-size brace members of different shapes and their
connections to investigate the effect of the slenderness ratio on the hysteresis behaviour,
the propensity towards development of cracks as a function of the width-thickness ratio,
and the connection behaviour itself would be invaluable.

There is a lack of experimental data on the cyclic behaviour of steel deck
diaphragm assemblies, the means used to fasten the deck sheets together and to fasten the
diaphragm to the collector elements. Both welded and mechanically fastened connections
need to be examined.

Non-structural elements for which experimental data on stiffness, strength, and
damage threshold should be established include masonry, exterior insulation and finish

systems, glazing, and roofing. Even the information on gypsum partitions is limited.
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4. METHODOLOGY

4.1 Introduction

The methodology adopted for seismic evaluation of low-rise steel buildings is
presented. It is based on the systematic procedure for seismic rehabilitation of buildings
recommended by the Applied Technology Council (ATC 1995) with several additions
specific to this work. The intended performance level of buildings designed according to
the earthquake-resistant design provisions of the NBCC (ACNBC 1995a) is defined. The
criteria for selection of design ground motion for use in seismic analysis are then
described. Response spectra of the selected accelerograms are developed and compared
with the NBCC design spectrum. The use of various analytical procedures for earthquake
response analysis of buildings is discussed. Some aspects of structural modelling
relevant to dynamic analysis of low-rise buildings are discussed. The parameters used for
quantifying the seismic response are identified. Finally, acceptance criteria for evaluating

the structural response are defined.

4.2 Performance levels

A performance level is the intended post-earthquake condition of the building and
indicates how much earthquake damage is sustained. Typically four performance levels
are specified by seismic design codes in order of decreasing damage: the collapse
prevention level, life safety level, immediate occupancy level, and the operational level.

The collapse prevention level is that state in which the building is on the verge of
experiencing a partial or total collapse. There is substantial damage to the structure,
significant degradation in the stiffness and strength of the lateral load resisting system
(LLRS), possible permanent lateral drift, some degradation in vertical load carrying
capacity, and extensive damage to non-structural components.

The life safety level is that state in which significant damage has occurred, but
some margin against either partial or total structural collapse remains.

The immediate occupancy level is that state in which only limited structural and
non-structural damage has occurred. The vertical and lateral load resisting systems retain

nearly all of their pre-earthquake characteristics and capacities.
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The operational level is that state in which the building is available for normal
occupancy and use and most utility systems are functional.

The earthquake-resistant design provisions of the NBCC (ACNBC 1995a)
endeavour to provide an acceptable level of public safety by designing to prevent major
failure and loss of life. Thus, the intended performance level for most buildings is the life
safety level. The immediate occupancy level and the operational level are specified for

post-disaster buildings such as schools, hospitals, and fire stations.

4.3 Specification of design ground motion

The design ground motion selected should correspond to the performance level to
be investigated. It may be specified as response spectra, simplified force coefficients
representative of such spectra, or as ensembles of earthquake time histories. The choice
depends on the method of analysis selected. There are two procedures for selecting
ground motion; (a) the general procedure involving use of probabilistic ground motion
maps specified in the NBCC, and (b) site-specific procedures wherein detailed studies are
carried out for a given site. In this work, the first of these is adopted to select earthquake
time histories for five seismic zones in Canada. These time histories are then used to
develop response spectra for comparison with the NBCC design spectrum in each of the

five zones.

4.3.1 Earthquake accelerogram selection criteria

The seismic hazard at typical sites is influenced by earthquakes of various
magnitudes that occur nearby and by earthquakes of large magnitude that are distant. The
former contribute significantly to the peak horizontal acceleration, PHA, at the site while
the latter contribute to the peak horizontal velocity, PHV. Both parameters are specified
in the NBCC (ACNBC 1995a) for each seismic zone for the 1in475 year design
earthquake. Hence in this work, two sets of historical earthquake accelerograms are
selected for each seismic zone. The first set, comprising accelerograms that have peak
ground accelerations, PGA, that are scaled to match the zonal PHA, is referred to as the
‘acceleration set.’” The second set, comprising accelerograms that have peak ground

velocities, PGV, that are scaled to match the zonal PHV, is referred to as the ‘velocity
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set.’” The criteria for selecting accelerograms for each set evolved from discussions with
BC Hydro' and with Weichert’. The recommendations of BC Hydro for selection of
accelerograms are given in Appendix A. The accelerogram selection criteria used in this
work are as follows:

(a) only earthquake events with local magnitude, M;, or body wave magnitude, My,
exceeding 5 are considered as these have historically caused structural damage,

(b) only horizontal accelerograms obtained from the free field and from building
basements at sites on bedrock or stiff soils are considered,

(c) only one accelerogram is selected per event to avoid bias towards any particular
event,

(d) the accelerograms are selected to keep the scaling required to match the zonal PHA
or PHV to a factor in the range 0.5 to 2.0, and

(e) the accelerograms selected in either the acceleration set or the velocity set are
unique, i.e., they are not repeated in the other set.

When using this procedure, the ratio of PGA to PGV (a/v ratio) is not considered
and thus may be greater than, less than, or equal to 1.0. The periods of the buildings may
also lie in the range where the NBCC 1995 considers the a/v ratio not to be a factor.

When dynamic time history analysis is used to assess the structural response,
FEMA (1994) recommends that at least 4 spectrum compatible time histories should be
used while the ATC (1995), BC Hydro', and the ICBO (1997) recommend the use of at
least 3 time histories. Spectrum compatibility is considered a desirable characteristic
when only a few accelerograms are used in analysis; their response spectrum must match
the design spectrum over most of the period range of interest. However, when a
significantly greater number of accelerograms are used, some relaxation of this condition
is justifiable because the design spectrum itself is a smoothed average of a number of
response spectra from events that have different characteristics. For example, a nearby
earthquake may have frequency content predominantly in the high frequency range. A

more distant earthquake may have frequency content in the intermediate and low

'Little, T.E., and Fan, B.H. 1995. Personal communication.

2 Weichert, D. 1995. Personal communication.
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frequency range. A greater number of time histories are recommended for use in
nonlinear dynamic analysis (than for linear dynamic analysis) due to the greater
sensitivity of nonlinear structural response to characteristics of the ground motion such as

duration, phase, and the sequence of pulses.

4.3.2 Application of the earthquake accelerogram selection criteria

The criteria mentioned above are applied to select accelerograms from the
‘STRONGMO’ earthquake database at Lamont-Doherty Geological Observatory of
Columbia University (Friberg and Susch 1990) and from the California Strong Motion
Instrumentation Program server on the internet (CSMIP). Accelerograms are selected for

the acceleration set and the velocity set for five seismic zones in Canada with the
acceleration-related seismic zone, Z,, assumed equal to the velocity-related seismic zone,

Z,. The acceleration set has zonal acceleration ratios, a, of 0.05, 0.10, 0.15, 0.20, and
0.30 in zones 1 to S, respectively. Similarly, the velocity set has zonal velocity ratios, v,
of 0.05, 0.10, 0.15, 0.20, and 0.30 in zones 1to 5, respectively. A total of 100
accelerograms are selected, of which 90 are from the ‘STRONGMO’ database that has
over 1900 horizontal accelerograms, and the remaining from the CSMIP. The selected
accelerograms represent 36 earthquake events that occurred in the Americas from 1933
up to 1994. A regional break up of events is as follows; Alaska (5), California (22),
Eastern Canada (1), Western Canada (1), Chile (2), Mexico (1), Montana (1),
Nicaragua (1), and Washington (2). The accelerograms selected for the acceleration and
the velocity sets for each of the five seismic zones are listed in Tables 4.1 through 4.10.
In the tables, the epicentral distance is denoted by R, the local magnitude is denoted by
M, and the body wave magnitude, My, is indicated by an asterisk. The duration of the
accelerogram used in the analyses is taken from initiation until the last pulse that exceeds
0.02 g, except that for some accelerograms of long duration, this limit is set at 0.05 g.

4.3.3 Response spectra of selected accelerograms

Response spectra of the accelerograms are developed by integrating numerically
the response of a 5% damped elastic oscillator by the constant-average acceleration

method, as explained in Appendix B. Figures 4.1 to 4.10 present the 5% damped elastic
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acceleration response spectra for three levels of response: the mean, mean plus one
standard deviation (mean + 1 sigma), and the maximum, together with the elastic
response spectrum given in the NBCC. Note that the vertical scales in these figures
change by a factor of 4 from Fig. 4.1 to Fig. 4.10. The accelerograms of the ‘acceleration
set’ have their PGA scaled to equal the zonal PHA. Hence, all the spectra converge to the
zonal PHA at zero period on the spectrum. As these accelerograms have been scaled to a
common PHA, the scatter tends to be less in the acceleration sensitive region of the
spectrum, that is, for periods less than 0.5 s, as established by Nau and Hall (1984).
Similarly, the accelerograms of the ‘velocity set’ have their PGV scaled to equal the
zonal PHV. As these accelerograms have been scaled to a common PHV, the scatter is
less in the velocity sensitive region of the spectrum, that is, for periods greater than 0.5 s.
The average effect of the ensemble of accelerograms selected for each zone is a smoothed
response spectrum that represents the effect of different seismic events of different

magnitudes and source-to-site distances. The NBCC elastic design spectrum is the

product of the zonal velocity ratio, v, and the S factor for seismic zones with Z, equal to

Z,. For a given period, a comparison of spectral ordinates of the NBCC curve with the
smoothed response spectra for each zone, indicates if the structure is subjected to an
earthquake force greater or smaller than the NBCC lateral force requirement. The
response level for evaluating the results of dynamic analysis against the acceptance
criteria, may be chosen to be compatible with the NBCC design spectrum in the period

range of interest.

4.4 Response analysis procedures

The analysis procedures available for determining the earthquake response of a
building range from simple to rather sophisticated. Depending on the material behaviour
assumed, they may be classified into two general categories of linear analysis procedures
and nonlinear analysis procedures. Each may be further classified into a dynamic or a
static analysis procedure depending on whether inertial effects are considered or not.
Linear static and linear dynamic procedures are widely used in seismic design. Nonlinear

procedures are typically used for detailed evaluation studies.
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4.4.1 Linear static analysis

This is the analysis that is intended to be used with the NBCC equivalent lateral
force procedure for seismic design. The NBCC specifies the magnitude and distribution
of the equivalent lateral forces that the building should resist. These static lateral forces
are applied on an appropriate structural model and are used for design and analysis of the
building.

4.4.2 Linear dynamic analysis

A linear dynamic analysis may be further classified into a response spectrum
analysis or a time history analysis. The former is recommended by the NBCC to
determine the distribution of lateral forces in buildings that have irregularity in the
distribution of mass or stiffness, for example, buildings with vertical or horizontal
setbacks. Its intent is to determine the maximum structural response directly from an
earthquake response (or design) spectrum. This procedure is considered to be sufficiently
accurate for building design (Gupta 1990, FEMA 1994). A linear dynamic time history
analysis is more involved. The response of each mode to a specific ground acceleration is
computed by numerical integration and the resulting modal responses are superposed by

suitable modal combination rules. Details of both methods are given by Chopra (1995).

4.4.3 Nonlinear static analysis

This is also referred to as a static “pushover analysis” (Lawson er al. 1994,
ATC 1995). It is an incremental nonlinear analysis wherein the structure is loaded with a
lateral force profile that is considered to represent, at least approximately, the relative
inertia forces that are generated at locations of substantial mass. The structure is pushed
laterally by the forces of this load pattern until the level of deformation expected in the
design earthquake is attained. The following information may be obtained from such an
analysis; (a) estimates of the strength and deformation demands on the structural
elements, (b) effect of deterioration of individual components on the behaviour of the
structure, (c) overload of brittle elements, and (d) identification of possible weak links in
the lateral load path. Test data may also be used directly in this procedure by specifying

appropriate force-deformation relations for the structural elements.
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A nonlinear static analysis is not a dynamic procedure and hence cannot predict
ductility demand on the structural elements; nor can it account for the effect of higher
modes and changes in dynamic response and inertial load distributions that occur as the
structure degrades in stiffness. Nevertheless, it is superior to linear analysis methods as it
considers the actual strength of the structural elements. Several yield situations may be
studied by varying the lateral force profile on the structure and increasing the forces
proportionately until significant yielding occurs. In this work, the program DRAIN-2DX
(Prakash et al. 1993) is used to perform this analysis.

4.4.4 Nonlinear dynamic time history analysis

This is considered to be the most sophisticated earthquake response analysis in
that it employs numerical integration in the time domain and explicitly accounts for
nonlinear stiffness and strength characteristics of the structural elements. It also accounts
for the effect of higher modes and shifts in inertial load pattemns as structural softening
takes place. The strength and deformation demands are computed explicitly for each
component of the structure. Use of this method for assessing the building response is
necessary because the structure may exhibit a nonlinear response in the design
earthquakes. However, it is sensitive to the characteristics of ground motion and
therefore an adequate number of appropriately selected accelerograms should be used to

obtain meaningful results.

4.4.4.1 Selection of a computer program

A number of commercial programs are available that can perform a nonlinear
dynamic time history analysis of reasonably symmetric structures. Among them are
DRAIN-2D (Kannan and Powell 1973), ANSR-1 (Mondkar and Powell 1975), and
DRAIN-2DX (Prakash et al. 1993). The program DRAIN-2D was selected for this study
as it has been used widely in the past. This choice is also governed by the fact that it has
the EL9 buckling element (Jain and Goel 1978) that represents, at least approximately,

the hysteresis behaviour of steel braces.
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4.4.4.2 Description of computer program DRAIN-2D

DRAIN-2D is a general purpose computer program for the dynamic response
analysis of inelastic plane structures. The structure to be analysed is idealized as a planar
assemblage of discrete elements. Analysis is by the direct stiffness method with the
nodal displacements as the unknowns. Each node may possess up to 3 degrees of
freedom with the provision of constraining any degree of freedom as desired. The
structural mass is assumed to be lumped at the nodes so that the mass matrix is diagonal.
Earthquake excitation is defined by time history of ground acceleration with all support
points assumed to move in phase. Separate time histories may be specified in the vertical
and horizontal directions. Static loads may be applied to the structure prior to dynamic
loading. However, yielding of the elements is not permitted under static loads. The
dynamic response is determined by step-by-step integration of the equations of motion by
the constant-average acceleration method.

A number of structural elements are available for idealizing the structure. These
include; (a) an inelastic truss element capable of yielding in tension and buckling in
compression, (b) a beam-column element capable of flexural yielding by the formation of
plastic hinges at its ends, (c)a semi-rigid connection element with a bilinear
moment-rotation relationship, (d) an inelastic shear panel element capable of failing in a
ductile or a brittle mode, and (e) the EL9 buckling element capable of representing the

hysteresis behaviour of steel braces.

4.5 Structural modelling
The use of a two-dimensional structural model of the building is adequate if

torsion is absent or is accounted for separately. The stiffness, strength, and post-yield
behaviour of all elements in the lateral load path should be considered explicitly in the
analysis. Masses should be distributed appropriately to model all important dynamic
effects. Some aspects of structural modelling relevant to dynamic analysis of low-rise

buildings are discussed in the following.
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4.5.1 Braces

Because the nonlinear behaviour of a concentrically braced frame (CBF) occurs
due to yielding or buckling of the braces, these elements deserve particular attention. In
this study, the EL9buckling element of DRAIN-2D is used to model the braces.
Appendix C describes the hysteresis behaviour of this element. The model considers the
tensile and compressive resistance of the brace and accounts for the reduction in
compressive resistance due to cyclic buckling. The ATC (1995) recommends a
post-buckling strength of 33% of the compressive capacity for cold formed brace
sections and 25% for all other sections excluding circular tubes. Experimental data on
the reduction in brace compressive resistance by Jaineral. (1980) is reviewed in

section 3.2.2.2.

4.5.2 Flexible diaphragms
The ATC (1995) recommends that the effect of diaphragm flexibility should be

considered if its inclusion in the model changes the force or deformation demands by
more than 20%. Diaphragm flexibility results in; (a) an increase in the period of the
fundamental mode, (b) vibration modes of the diaphragm and the CBF that can be
considered independently, and (c) a redistribution of lateral load applied to the diaphragm
itself. The assumption of a rigid diaphragm instead of a flexible one is conservative
insofar as the design forces are concemned because the shorter fundamental period of the
former is generally associated with a greater design base shear. The stiffness and strength

estimates given in diaphragm design manuals may be used in analysis.

4.5.3 Non-structural elements

Non-structural elements that dynamically interact with the structure and add
significant mass and stiffness should be modelled explicitly. The brittle failure mode of
such elements should also be modelled appropriately. Interior partitions have to be
framed directly into the structural roof or floor at the top and bottom to have any effect on
the dynamic response. They may be isolated from the structural framing by provision of

appropriate connections.
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4.5.4 Geometric nonlinearity (P-A effect)

The P-A effect refers to the movement of gravity loads through the lateral
displacement of a structure that generate second-order forces in the structure. Its effect is
significant when the building response is severely inelastic, i.e., large A
(Montgomery 1981), or when the vertical forces are large. It may also be important in
low-rise buildings with flexible diaphragms (Tremblay 1993). This is typically the case
when the LLRS has to stabilize a substantial gravity load, i.e., large P, on the remainder
of the structure that has gravity load (leaner) columns only. The P-A effect results in
increased lateral drift of the frame. A suitable method to account for it in dynamic
analysis involves reducing the lateral stiffness of the structure by a geometric stiffness
(Wilson and Habibullah 1987). The latter is based on the axial force due to the static
gravity load in the columns. This method is available as an option in DRAIN-2D with
the reduced lateral stiffness used as the initial tangent stiffness for dynamic analysis. The
P-A effect may also be modelled by using dummy leaner columns with the appropriate

gravity load on them.

4.5.5 Damping

A dynamic analysis with any numerical integration scheme requires that the
damping matrix be defined explicitly. In DRAIN-2D, Rayleigh damping which is
proportional to mass and stiffness may be specified such that
[4.1] Cr=aM + Ky
where a and B are constants to be specified by the program user and C;, M, and K; are

the tangent damping matrix, the mass matrix, and the tangent stiffness matrix.
respectively. One method of selecting the constants a and P is based on the estimated
modal damping ratios for the structure that may be obtained from forced vibration tests
on similar structures or from the recorded motion of structures in past earthquakes.

Let A; and A; be the modal damping ratios for the ith and jth mode with

corresponding periods T; and T;. The constants o and P are given by
41!(TJ )"J - Ti A’i)

2 2
T2 - T;

[4.2] a=
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= (T} - T?)

[43] p =

Table 4.11 gives damping values for clad and unclad steel structures based on
recommendations of the New Zealand National Society for Earthquake Engineering
(Patton 1985). Table 4.12 gives damping values obtained from vibration tests on light
gage metal buildings (Sockalingam 1988, Sockalingam et al. 1994). Newmark and
Hall (1982) recommend a damping ratio between 5% and 7% for steel structures with
welded connections and between 10% and 15% for steel structures with bolted

connections.

4.5.6 Observations from an ambient vibration test of a single-storey steel building

Appendix D describes the dynamic behaviour of a single-storey steel building
with a flexible roof diaphragm and with CBFs as the LLRS. The first three periods and
corresponding mode shapes of this building were obtained from an ambient vibration test
(Ventura 1995). Analytical studies were performed to investigate suitable computer
models for dynamic analysis. Based on the experiment and the analytical work, the
following suggestions were made: (a) diaphragm flexibility should be considered in
analytical models of such buildings, (b) non-structural cladding and partitions should be
considered as they may contribute significant stiffness and strength, and (c) for buildings
that are fairly regular in plan, a two-dimensional model may be used instead of a

three-dimensional one.

4.6 Parameters for quantifying the seismic response

Inherent in the concept of performance levels is the assumption that this
performance can be measured using appropriate parameters. The fundamental period and
the distribution of lateral forces on the building, obtained from a response spectrum
analysis, may be compared with the NBCC recommendations. The force and
deformation demands on the structural elements obtained from a nonlinear static analysis
or a nonlinear dynamic analysis may be compared to their strength and deformation
capacity. Nonlinear dynamic time history analysis typically gives time histories of

element forces and deformations. Information on the global drift, interstorey drift,
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strength and ductility demand on the structural elements, number of yield occurrences,
cumulative ductility demand (damage), maximum base shear developed in the building,
and the state of the non-structural elements after the earthquake, are common parameters

that are used to quantify the seismic response.

4.7 Acceptance criteria

Acceptance criteria relate to permissible earthquake induced forces and
deformations for various structural elements of the building and correspond to the
intended performance level. Table 4.13 from the ATC (1995) gives the levels of
structural and non-structural damage that may be used to quantify the performance of the
structure. The performance levels of “immediate occupancy” and “operational level” are
grouped together because the distinction between them is in the functionality of the
utilities after the earthquake. Additional data on other materials such as concrete,
masonry, wood, and precast concrete are given by the ATC (1995).

The drift limits for CBFs given in Table 4.13 may not be appropriate because the
yield deformation of the CBF is a function of its geometry and material property only.
The ductility demand on the braces is a better indicator of the severity of response. The
maximum ductility attained in the earthquake may be compared with test results (which
are scant) to qualify the response. A rule of thumb used in this work is that the ductility
demand in the CBF should not exceed the R factor used in design. The number of yield
events that occurs in the braces is a function of the duration of ground shaking and the
characteristics of the ground motion. As information on the duration dependent damage
to structural elements is scarce, these duration dependent parameters are difficult to
interpret.

Lack of full-scale cyclic tests on diaphragm assemblies makes the interpretation
of the roof diaphragm response rather judgemental. In general, inelastic action in the roof
diaphragm is to be avoided. Forces in excess of the diaphragm strength may cause a
brittle failure in the welded connections, or failure in the mechanical connections, or may
even cause buckling of the deck panels.

For non-structural partitions, the interstorey drift ratio may be used to assess the
likely damage. Based on the literature reviewed (Freeman 1977, Rihal 1986), an
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interstorey drift ratio of 0.0025 is considered the threshold to initiate damage in
non-structural partitions and 0.0050 is the lower bound of significant damage. An
interstorey drift ratio of 0.0075 may be considered as failure of the partitions requiring

their complete replacement.
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Table 4.11 Recommended viscous damping for steel structures (Patton 1985)

Type of structure Behaviour Welded connections  Bolted connections
Clad Elastic 2.5 50
Clad Ductile 5.0 10.0
Unclad Elastic 2.0 50
Unclad Ductile 5.0 75

Note: A clad structure has concrete or composite steel flooring and may be open or fully
enclosed around its perimeter. An unclad structure is one with an open floor
system and no exterior covering.

Table 4.12 Viscous damping for steel buildings with light gage roofing and cladding
from vibration tests (Sockalingam 1988, Sockalingam et al. 1994)

Type of structure Period (s) Damping (%)
80" x 60' enclosed metal building with 1st mode - 0.220 3.00
moment resisting frames and 26 gage 2nd mode - 0.098 5.08
sheeting.
Open ended aircraft hanger with moment 1st mode - 0.895 2.84
resisting frames and 26 gage sheeting. 2nd mode - 0.375 not measured
3rd mode - 0.272 9.13
125' x 60" x 20' metal building with 1st mode - 0.247 4.20
moment resisting frames and 26 gage 2nd mode - 0.090 6.50
sheeting.
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Table 4.13 Performance levels and anticipated damage (ATC 1995)

Type Collapse prevention Life safety level Immediate
level occupancy and
Operational level

Braced steel  Transient drift about  Transient drift about  Essentially linear

frames 1.5%. Extensive 1%. Many braces response. Minor
yielding and buckling yield or buckle butdo yielding or buckling
of braces. Many not totally fail. Many of braces.
braces and their connections may fail.
connections may fail.

Metal deck Large distortion with  Some localised failure Connections

diaphragms buckling of some of welded connections between deck units
units and tearing of of deck to framing and and deck units and
many welds and seam  between panels. framing intact.
attachments. Minor local buckling  Minor distortions.

of deck.

Cladding Severe damage to Severe distortion in Connections yield.
connections and connections. Minor cracks
cladding. Some Distributed bending, (< 1/16" width) or
panels fall off. crushing, and spalling bending in cladding.

of cladding elements.
Some fracturing of
cladding but panels do
not fall off.

Partitions Severe racking and Distributed damage. Cracking to about
damage in many Severe cracking, 1/16" width at
cases. crushing, and racking  openings. Minor

in some areas.

crushing and

cracking at corners.
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5. CASE STUDY I: SINGLE-STOREY BUILDING

5.1 Introduction

Analytical studies are performed with a single-storey steel building that is
designed in accordance with the provisions of the NBCC (ACNBC 1995a) and CSA
Standard S16.1-94 (CSA 1994) for five seismic zones of Canada that have seismicities
ranging from low to high. A two-dimensional structural model is developed that
considers the nonlinear seismic behaviour of the concentrically braced frame (CBF), the
strength and stiffness contribution of the cladding, and the flexibility, strength, and
distributed mass of the roof diaphragm. The dynamic behaviour of the building is
investigated with a number of models. The excess supply of strength to the building is
identified. The analytical procedures described in Chapter 4, namely, linear static
analysis, response spectrum analysis, nonlinear static analysis, and nonlinear dynamic
time history analysis, are used to estimate the seismic response of the building and assess
its conformance with the acceptance criteria. Recommendations are made for the seismic

design and analysis of such buildings.

5.2 Description of the building

The building considered in this study is adapted from the “Single storey building
design aid” published by the Canadian Institute of Steel Construction (Chien 1985). This
standard document is used widely by the steel construction industry. The building is
rectangular in plan as shown in Fig.5.1. It has a metal roof deck and relies on the
diaphragm action of the deck to transfer lateral loads to the CBFs. The deck is supported
by open web steel joists, supported in turn by girders that constitute a
cantilever-suspended-span system that is continuous over the interior columns. The latter
are typically 178 x 178 x 8 hollow structural sections of grade 350W steel. The vertical
lateral load resisting system (LLRS) consists of four CBFs that are present along the
exterior walls. They are typically two bays wide and comprise a split-X bracing system.
The exterior cladding is composed of an insulated sheet steel wall that is supported by

side girts and the exterior columns. Interior partitions are neglected for simplicity.
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5.3 Design of the building
The building is designed for 5 locations in Westen Canada that have the
acceleration-related seismic zone, Z,, equal to the velocity-related seismic zone, Z,, as

given in Table 5.1. The snow load at these locations is different in the 1995 edition of the
NBCC (ACNBC 1995a) that was only available after this study had progressed
considerably. A constant intensity of ground snow load, S;, and rain snow load, S, is
assumed for all zones so that its contribution to the effective seismic weight in each zone
is the same. The base shear prescribed by the NBCC in each seismic zone is directly
proportional to the product of the zonal velocity ratio, v, given in Table 5.1, and the
seismic response factor, S, assuming that all other factors are invariant.

The roof dead load is taken as 0.95 kPa inclusive of structural steel. The gravity
load resisting system given by Chien (1985) is found to be adequate. The seismic design
assumes a strength braced frame (SBF) with tension-only bracing. Hence, a force
modification factor, R, of 1.5 is used. This represents an ordinary steel frame where the
detailing provisions in clause 27 of CSA Standard S16.1-94 (CSA 1994) need not be
adopted. A large number of existing buildings fit into this category. A SBF may also
qualify as a nominally ductile braced frame (NDBF) if the connections are detailed to
resist the impact load from slender braces. Most CBFs are designed and detailed as
NDBFs as the prescribed base shear is lower than that of SBFs and the ductility
provisions of CSA Standard S16.1 (1989, 1994) can be satisfied relatively easily as
compared to the more stringent requirements for ductile braced frames (DBFs).

The base shear specified by the NBCC is given by [2.8]. The importance factor, I,
and the foundation factor, F, are both assumed equal to 1.0. The effective seismic weight,
W, is estimated as 6710 kN, as given in Table 5.2, and is assumed to be the same in all 5
seismic zones. In the East-West (E-W) direction, about 82% of this weight is attributed
to the roof diaphragm and the remainder to the CBFs and the cladding. An estimate of
the fundamental period, T, is required to define the seismic response factor, S. The
NBCC estimate of the fundamental period of a braced frame is given by [2.10]. For this
CBF, h, is 9 m, slightly less than the overall height, and D is 12 m in the E-W direction

and 10.5 m in the North-South (N-S) direction. Thus, the period is 0.23 s in the E-W

63



direction and 0.25 s in the N-§S direction. This places the building in the short period
range (T <0.25 s) and the S factor, shown in Fig. 2.2, is equal to 3.0 for both directions.
Hence, the base shear from [2.8] is also the same in both directions. The analytically
computed period of the building, verified by subsequent analyses, is significantly greater
than 0.25 s in all the zones. In such an event, the NBCC allows a seismic base shear that
is 0.80 times that obtained from [2.8] to be used. This base shear is reported in line 1 of
Table 5.3 which gives the summary of building design in the E-W direction in each zone.
The factored wind load on line 2, based on the 1 in 30 hourly wind pressure, is less than
the base shear in all the zones.

The seismic load prescribed for design of the roof diaphragm is an in-plane
uniformly distributed lateral load equal to the base shear. Using the plate girder analogy
for the roof diaphragm design (CSSBI 1991, Davies and Bryan 1982), it is assumed that
the diaphragm panels resist the shear force while the flange members resist the bending
moment. The design involves selection of a metal deck profile of adequate thickness to
resist gravity loads and lateral loads, provision of appropriate fasteners to transfer the
lateral load, and design of the flange members. Details of the deck diaphragm and
estimates of its shear stiffness and strength are given in lines 3 to 9 of Table 5.3. Both the
CSSBI method (CSSBI 1991) and the European method (Davies and Bryan 1982) are
used to assess the stiffness and strength of the diaphragm. The latter is a more rational
method for seismic design of diaphragms as it accounts explicitly for the various failure
modes and enables a designer to detail the diaphragm to fail in a ductile mode. The
following hierarchy is assumed when greater shear capacity in the diaphragm is to be
provided; (a) decrease seam fastener spacing, (b) provide sheet to purlin fasteners in
every corrugation (7 per sheet width) instead of every other corrugation (4 per sheet
width), and (c) increase the profile (sheet) thickness. The profile depth is assumed equal
to 38 mm (1.5 inches) in all zones as is usual for roof decks that are not topped with
concrete.

The shear force at the edge of the diaphragm is ‘collected’ by the collector
element (a beam) and transferred to the braced bay. The collector element may also
function as the flange member of the diaphragm for earthquake load acting in the N-§
direction (Chien 1985). It may also support the entire weight of the exterior cladding [if

64



the latter is tied back to it by means of sag rods.] Hence, it is designed to resist these
actions and those due to the tributary gravity loads acting on it. A W310x31 section is
adequate in zones 1 to 4 and a W310x39 in zone 5.

For design of each CBF, one half the base shear is applied as a concentrated load
at the top of the CBF and then the torsion provisions of the NBCC are applied. Although
the building plan is symmetric, the centre of mass is positioned a distance equal to the
‘accidental eccentricity’ from the centre of stiffness. This accidental eccentricity is
specified as 0.1 times the dimension of the building perpendicular to the direction of
seismic load. The base shear is applied at this location and the equilibrating forces are
found in the CBFs assuming the four of them to have equal lateral stiffness and assuming
a rigid roof diaphragm. The base shear for the CBFs is increased by 12% and 8% in the
E-W and N-S direction respectively, due to this accidental eccentricity. [Logically, the
analyses should also account for accidental torsion as could be accomplished by scaling
the earthquake records by the torsion increment. This was not done because (a) the
torsion increment is based on a rigid roof diaphragm that does not reflect the true
behaviour, and (b) when inelastic action occurs, the effect of a slightly larger earthquake
would be essentially limited to increasing the ductility demand.] This amplified base
shear is then applied at the top of each CBF and an approximate P-A analysis is carried
out with the elastic drift amplified by the force modification factor, R (ACNBC 1995a).
The factored base shear for each CBF, including increments for torsion and the P-A
effect, is given in line 11 of Table 5.3, and is used for the design of the CBF and the
collector element.

The computer program SODA (Acronym Software 1994) is used for structural
design of the CBF. It produces a least weight design that satisfies the strength
requirements of CSA (1989) and any additional user specified nodal displacement
constraints. For structural design, a two-dimensional model of the CBF is used as shown
in Fig. 5.2. Only the tension diagonal is physically modelled as it is assumed to resist the
entire lateral load due to wind or earthquake. This is consistent with the detailing
assumed for the R factor of 1.5 that is characterised by the absence of an adequate
constraint on the effective slendemess ratio that would give the brace any significant

compressive capacity. The braces are constrained to be hollow structural sections (HSS)
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and their effective slendemess ratio, KL/r, is limited to 300, as is required for tension
members by CSA Standard S16.1-94 (CSA 1994). The load combinations considered in
design are as follows;

(@ 125D+15L,

(b) 125D+15W,

(¢ 125D+0.7(1.5L+1.5W),and

d 10D+0S5SL+1.0E

where D, L, W, and E are the specified dead load, live load (including snow), wind load,
and earthquake load, respectively. Load combination (d) governs the design of the braces
and columns of the CBF in all the zones. The slendemess constraint is found to affect the
brace selection in zone 1 only, resulting in a 14% excess in brace cross-sectional area
provided over that required. In the other zones, the brace cross-sectional area provided is
within 5% of that required. The KL/r ratio of the braces reduces with increasing base
shear. This implies an increased compressive capacity of the brace. The estimate of CBF
strength in line 12 of Table 5.3 assumes a resistance factor, ¢, of 1.0 to obtain the most
likely strength of the member. In addition, the compressive capacity of the brace is taken
as only 25% of that found from CSA Standard S16.1-94 (CSA 1994), to account for the

reduction in compressive resistance due to cyclic buckling, as discussed in section 3.2.2.

5.4 Stiffness and strength contribution of the cladding
The building is enclosed on all sides by an insulated sheet steel wall that is fixed

to the exterior girts and columns. Lateral pressure due to wind is the governing load for
these elements. The 1 in 30 hourly wind pressure is used for strength design and the
1 in 10 hourly wind pressure for the serviceability check on deflections. The influence of
cladding is usually neglected in seismic analysis and design because such cladding is
either too weak to resist any significant lateral load or is structurally isolated from the
LLRS. However, it does contribute some stiffness and strength to the structure. This
contribution may be particularly important in low-rise steel buildings
(Sockalingam 1988). Hence, two bounding cases are considered in this work. The first
assumes that the cladding is ‘absent’ and does not provide any stiffness and strength. The

second assumes that it is ‘present’ and is effective. In both cases, the entire weight of the
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cladding contributes to the effective seismic weight as it is suspended from the collector
element.

A commercially available profile (Indal Metals 636M) is assumed for the sheet
steel cladding. A typical cladding panel along the E-W exterior wall is shown in Fig. 5.3.
The strength and stiffness of such a panel are estimated by the European method (Davies
and Bryan 1982). The individual sheets are assumed to be attached to the girts (purlins)
and not to the columns (rafters). The girts are assumed to be spaced equally along the
panel height. The sheet to purlin fasteners are assumed to be self-tapping screws of
6.3 mm diameter and the seam fasteners are assumed to be self-tapping screws of 4.8 mm
diameter. Davies and Bryan (1982) give the strength and stiffness characteristics of
common connections in light gage metal structures. The lateral stiffness of each panel, as
shown in Fig. 5.3, is estimated as 0.46 kN/mm and its shear strength is estimated as
19 kN. For the case with cladding present, these stiffness and strength contributions are
added to those of the CBF to get the total value for the end wall in the E-W direction. As
the same cladding system is assumed to be present in the building in all the 5 zones, its
contribution of stiffness and strength is the same in all zones and decreases

proportionately as those of the CBFs increase.

5.5 Estimate of static overstrength

The LLRS of the buildings designed by the above procedure have excess strength
with respect to the prescribed base shear. This is typical for most buildings and is
referred to as ‘static overstrength’ in this work. The static overstrength ratio, denoted by
Pos is defined as the ratio of the strength provided by the LLRS to that prescribed by the
NBCC in [2.8].

Static overstrength of the diaphragm is largely due to the discrete spacing of seam
fasteners, discrete number of sheet to purlin fasteners, and the sheet thickness itself. For
the CBF, it is a product of several factors: (a) torsion increment due to the consideration
of accidental torsion in design and not in analysis. One possible way to account for this
would be to increase the earthquake records by this amount, (b) the overstrength due to
use of resistance factor, ¢ (< 1.0), in the calculation of member resistance in design, (c) a

discretisation factor due to the availability of sections in discrete sizes only that is itself
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affected by considerations such as the allowable KL/r ratio and the P-A effect, (d) the
small contribution of the compression diagonal in a tension-only CBF, and (e) the
possible contribution of non-structural components.

Table 5.4 gives a summary of the strength provided and p, for the roof diaphragm
and the CBF. The factored shear force for the diaphragm and the factored base shear for
the CBF are one-half the base shear for the building given in line 1 of Table 5.3. The
value of p, for the diaphragm reduces with an increase in seismic zone, as shown in

Fig. 5.4. For the CBF, p, is calculated assuming the two cases of cladding absent and

cladding present, to study the significance of the cladding contribution. The value of p,
for the CBF with cladding absent is almost constant in all zones except zone 1 where the
constraint on the KL/r ratio affects the brace design. The value of p, for the CBF with
cladding present reduces with an increase in seismic zone. The difference between the
curves for cladding absent and cladding present gives the contribution to the strength of
the end wall by the cladding. The ratio of static overstrength of the diaphragm to the
CBF is also given in Table 5.4 and shown in Fig. 5.5, and is of importance when studying
the performance of a strong diaphragm-weak frame (SD-WF) design and its reverse. The
diaphragm is stronger than the CBF (cladding absent case) in zones 1 and 2 only.

The capacity design approach has been recommended for design of roof and floor
diaphragms by Tremblay and Stiemer (1996). In this approach, elements of the primary
LLRS are chosen and suitably designed and detailed for energy dissipation in a severe
earthquake. All other structural elements in the load path are then provided with
adequate strength so that the chosen means of energy dissipation can be maintained. Use
of this approach would require that the diaphragm be stronger than the CBF in all the
zones. For the present designs, the diaphragms are weaker than the CBFs in zones 3, 4,
and 5. Hence in a severe earthquake, the diaphragm would be expected to yield prior to
the CBF in these zones.

Table 5.5 gives factors contributing to the static overstrength in the CBFs. The
quantities designated “ratio a” and “ratio b” are obtained by taking the product of the
contributing factors and are equal to p,, without and with cladding for the CBF in

Table 5.4. For example, for zone 1 the torsion increment is 1.12 for the E-W direction
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while the overstrength due to the resistance factor, ¢ (= 0.9), is the inverse of it, 1/¢, and
gives a more likely strength of the member. A brace cross-sectional area of 715 mm’ is
required to resist a base shear of 180 kN (1.12 x 161 kN). The discretisation factor of
1.26 is the ratio of the brace cross-sectional area provided to that required (903/715). The
limit of 300 on the KL/r ratio and the increment due to the P-A effect influence the brace
selection. The assumed post-buckling capacity of the compression brace (equal to 5 kN)
increases the strength of the CBF by 2% (from 253 kN to 257 kN). The product of these

factors is 1.60. On considering the cladding contribution, p, increases to 2.78.

5.6 Structural models and assumptions

The static and dynamic analyses of the building are performed for earthquake
ground motion in the E-W direction only. Three different structural idealizations are used
to model the building. These idealizations differ in how the distributed mass and
flexibility of the roof diaphragm are modelled. The models include; (a) a single degree of
freedom elastic model (SDOFE), (b)a two-dimensional, multi-degree of freedom
nonlinear model (MDOFN), and (c) a three-dimensional model (3-D).

The SDOFE model is the simplest idealization of the building and is used for free
vibration analysis only. The roof diaphragm is assumed to be rigid and is represented by
a single mass as shown in Fig. 5.6. Lateral stiffness is provided by the tension diagonal
of the CBFs only. This linear model and does not account for the strength of the LLRS.

The two-dimensional model used for structural design with SODA is enhanced to
obtain the MDOFN model, shown in Fig. 5.7. This model accounts for the nonlinear
seismic behaviour of the CBF, the strength and stiffness contribution of the cladding, and
the flexibility, strength, and distributed mass of the roof diaphragm. The CBF is
modelled as a pin-connected truss. The lateral displacement of the nodes at the top of the
CBF is constrained to be equal so that there is only one lateral degree of freedom. The
cladding panels are modelled with panel or shell elements that have a calibrated thickness
to give the required shear stiffness. They are attached in parallel to the CBF at the roof
level. The diaphragm is modelled by an equivalent Timoshenko beam that is simply
supported between the two end walls along the E-W direction (Tremblay and

69



Stiemer 1996). The flexural rigidity, EI, is based on the collector element that functions
as the diaphragm flange member. The moment of inertia, I, is defined as
[5.1] I=2A;(d/2)?
where A¢ is the cross-sectional area of the flange member and d is the width of the
diaphragm (equal to 60 000 mm in the E-W direction). The shear rigidity of the beam,
GA,, is taken equal to that of the diaphragm. The shear area, A, is defined as
[5.2] A, =G'd/G
where G’ is the shear stiffness of the diaphragm and G is the shear modulus. The flexural
strength of the diaphragm is the product of the maximum axial capacity of the flange
member and the diaphragm width, d. The former is obtained from a beam-column
interaction equation as one of the flange members is subjected to axial compression due
to the earthquake lateral load and bending due to tributary gravity loads acting on it. The
flexural strength of the diaphragm is considered by specifying elastic-plastic rotational
springs at the two ends of the beam elements. The translational mass of the diaphragm is
lumped at nodes along the equivalent beam. Rotational inertia is neglected. The P-A
effect is modelled with dummy columns that carry appropriate gravity load and are
attached to the diaphragm and the CBF with rigid links. As this symmetric building is
assumed to be subjected to in phase earthquake excitation at all support points,
anti-symmetric modes of vibration of the roof diaphragm are not excited. Hence, only
one half of the building is modelled as shown. The node at mid-span of the diaphragm is
free to translate in the horizontal direction but is constrained against rotation because a
zero slope is required at mid-span in all the symmetric modes. A total of 7 beam
elements are used to model the half-span of the diaphragm. The adequacy of this
idealization is discussed in the section on free vibration analysis.

A rigid-plastic link transfers the shear force from the diaphragm edge to the CBF.
As a series connection is implied, the maximum force in this link will depend on the
strength of the CBF and the diaphragm. The behaviour of the connections between the
roof diaphragm and the CBF and those within the CBF itself are not modelled explicitly.
The maximum force developed in the diaphragm and the braces will suggest the strength
required of these connections. The idealized rigid-plastic link that connects the
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diaphragm to the CBF does not represent the actual behaviour of such connections.
Mazzolani et al. (1996) have shown that a typical diaphragm panel assembly, fastened
with bolts to the external frame and with self drilling screws as seam fasteners, displays a
slip type hysteresis loop. This occurs due to ovalization of the fastener holes and
consequently force transfer occurs only when the fasteners bear against the sheet at the
end of the holes. Welded connections, however, may demonstrate brittle behaviour under
cyclic loading. The tension and compression yield level of the rigid-plastic link are set
equal to the strength of the diaphragm. The maximum force that can be transferred from
the diaphragm to the CBF is limited by the capacity of this link. This idealization permits
an investigation of the effect of different strength levels of the diaphragm relative to the
CBF.

The 3-D model is used for free vibration analysis only. The CBF is modelled
with truss elements. The remaining framework is modelled with beam-column elements
that have pinned ends. The roof diaphragm and the cladding panels are modelled with
plane stress elements with an effective thickness equal to the ratio of the shear stiffness,
G’, to the shear modulus, G. Translational masses are distributed in the plane of the roof
diaphragm in both horizontal directions.

Table 5.6 summarises the modelling details used in each zone. The reduction

factor for the CBF applies to the compressive resistance of the brace and is used to define
its post-buckling capacity, Py,.. The reduction factors given in CSA Standard S16.1-94
(CSA 1994) were not used because they apply only to stockier braces.

5.7 Free vibration analysis

Table 5.7 summarises the fundamental period obtained from a free vibration
analysis in the E-W direction. The design period specified by the NBCC is also given for
comparison. All the models assume that only the tension diagonal contributes to the
stiffness of the LLRS. For a given design, the SDOFE model that assumes a rigid roof
diaphragm has a significantly lower period than that of the MDOFN and the 3-D models
because of consideration of the distributed mass and flexibility of the diaphragm in the
latter. There is a significant difference between the calculated fundamental period and
the NBCC estimate. One might expect the SDOFE model that neglects diaphragm
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flexibility to give a period close to that determined from the NBCC, but this is not the
case. The ratio of the period by the SDOFE model (cladding present) to the NBCC
estimate ranges from 4.56 in zone 1 to 2.43 in zone 5. Because the SDOFE model is the
stiffest among the three considered, the period estimates from the other models will give
higher ratios when compared with the NBCC estimate.

The stiffness contribution of the cladding may be evaluated by taking the ratio of
the period of the cladding absent case to that of the cladding present case. For the
SDOFE model, this results in a difference in period ranging from 26% in zone 1 to 7% in
zone 5. A similar comparison for the MDOFN model gives a range from 15% in zone 1
to 3% in zone 5. This range is lower than that for the SDOFE model due to diaphragm
flexibility. The cladding stiffens the end walls where the CBFs are present and does not
stiffen the diaphragm. The diaphragm may be stiffened by interior partitions that are
attached to it and are anchored to the floor below, but the contribution of such partitions
is neglected in this work.

Because the MDOFN model is used extensively for nonlinear static and dynamic
analyses, it is important to verify the adequacy of the model in representing the dynamic
behaviour of the structure. The results of free vibration analysis are compared with those
obtained from the more appropriate 3-D model of the building. Comparison is also made
with a classical solution for a simple boundary condition.

Figure 5.8 illustrates the first, second, and third mode shapes obtained with the
MDOFN model. Note that these are the first, third, and fifth mode shapes of the
complete building. Figure 5.9 compares the period of the first three modes obtained with
the MDOFN model (cladding present case) with those of the 3-D model that have
corresponding mode shapes. The periods are in good agreement with a maximum
difference of 5% for the first mode. This suggests that the two-dimensional MDOFN
idealization is adequate for dynamic analysis of this symmetric building.

The frequency of the n th mode of vibration, @, of a simply supported diaphragm
is derived in Appendix E and is given by [E.19]. The results from [E.19] are compared
with those obtained from a numerical beam model of the simply supported diaphragm
that uses similar modelling techniques as the MDOFN model. The roof diaphragm of the

building in zone 1 is considered as an example. The entire diaphragm is modelled with
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14 beam elements with flexural and shear rigidity obtained from the parameters listed in
Table 5.6. Table 5.8 compares the first five periods of the numerical beam model of the
diaphragm with those obtained from [E.19]. The fundamental period is seen to be within
0.2% of the classical estimate and suggests that 7 beam elements are adequate to model a

half-span of the diaphragm.

5.8 Analytical estimate of the building period

The NBCC estimate of the building period is empirical and does not account for
diaphragm flexibility, stiffness of the CBFs, cladding, and interior partitions. Hence, a
classical estimate of the period for such a building is derived from fundamental principles
in Appendix E. The relevant equations are [E.19] and [E.21] to [E.26]. The classical
estimate of the fundamental period is reported in line 7 of Table 5.7. The results are in
good agreement with those from the MDOFN and the 3-D models.

5.9 Dynamic strength-to-demand ratio

When nonlinear dynamic time history analysis is used, a difference in strength
demand may arise due to; (a) the difference between the code prescribed design period
and the fundamental period of the analytical model used in analysis, and (b) the
difference between the inelastic design spectrum and the average elastic response
spectrum of the accelerograms used in analysis. The dynamic strength-to-demand ratio is
defined as the ratio of the spectral ordinate obtained from the inelastic design spectrum at
the prescribed design period to the spectral ordinate obtained from the average elastic
response spectrum of the accelerograms at the analytical estimate of the fundamental
period. The strength supplied is in accordance with the base shear per unit weight

prescribed by the NBCC, given by

53] _\_’_z(vSIFU)
w R
The base shear per unit weight demand of the earthquake is
vV (S
5.4 —=|2
[5.4] w ( g)
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where S, is the spectral acceleration and g is the acceleration due to gravity. The
dynamic strength-to-demand ratio is the ratio of [5.3] to [5.4]. Note that [5.3] is
evaluated at the prescribed period and [5.4] at the analytical estimate of the fundamental
period.

Consider the building in zone 1. Figure 5.10 shows the inelastic design spectrum
defined by [5.3] and the mean + 1 sigma elastic response spectrum of the velocity set of
accelerograms used for analysis in zone 1. The design period by the NBCC, from [2.10],
is 0.23 s in the E-W direction. The S factor specified at this period is 3.0, but is reduced
by a maximum of 20% because the analytical period (equal to 1.42 s from the MDOFN
model in line 5 of Table 5.7) is greater than the design period. The base shear per unit
weight from [5.3] is 0.048, and is marked as ‘prescribed strength’ in Fig.5.10. The
spectral ordinate of the elastic response spectrum at the analytical period of 1.42s is
0.049. Thus, the dynamic strength-to-demand ratio is equal to 0.98.

5.10 Effective overstrength

The effective overstrength is a measure of the excess capacity provided to the
LLRS with respect to the demand from the earthquakes used in the analysis. The latter is
obtained from the average elastic response spectrum of an appropriate set of
accelerograms selected for seismic analysis at a given location. The effective
overstrength ratio is the product of the static overstrength ratio, p,, and the dynamic
strength-to-demand ratio, and is shown in Fig. 5.10.

Consider the building in zone 1. The value of p, for the CBF with cladding
present is 2.78, as given in Table 5.4. The dynamic strength-to-demand ratio is 0.98, as
discussed in section 5.9. Hence, the effective overstrength ratio is 2.72. A value
exceeding 1.0 suggests that the CBF is likely to have an elastic response in the
earthquakes while a value less than 1.0 is indicative of inelastic response.

Figures 5.11 and 5.12 give the effective overstrength ratio for the diaphragm and
the CBF in the 5 zones considered. As the dynamic strength-to-demand ratio depends on
the response spectra of the accelerograms used, the results are presented separately for the

acceleration and the velocity set in each zone. The mean + 1 sigma response spectrum of
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the set of accelerograms is used to obtain the dynamic strength-to-demand ratio. The
figures indicate that there is significant overstrength in seismic zones 1 and 2 and the
response is likely to be elastic. The overstrength reduces with increase in seismic zone
and is the least in zone 5. Yielding may occur in zones 3, 4, and 5 as the effective

overstrength ratio is less than 1.0.

5.11 Response spectrum analysis

The NBCC recommends the use of a response spectrum analysis to determine the
distribution of lateral forces in buildings that have irregularities in the distribution of
mass or stiffness. In the single-storey building, there is a discontinuity in stiffness
because the end wall containing the CBF and the cladding has significantly greater lateral
stiffness than the roof diaphragm. Moreover, the flexibility of the diaphragm also affects
the distribution of lateral forces. Hence, a response spectrum analysis is carried out with
the MDOFN model. The NBCC design spectrum for locations with Z, equal to Z, is
used, as shown in Fig. 2.1.

Figures 5.13 and 5.14 show the distribution of shear force along the half-span of
the diaphragm for the MDOFN model with cladding absent and present, respectively.
The co-ordinates along the half-span correspond to the 7 beam elements used to model it,
with the CBF and the cladding located at the origin. The shear force is normalised with
respect to the base shear developed. The flexibility of the roof diaphragm results in a
nonlinear distribution of shear force with greater ordinates as compared to the linear
distribution assumed in design. Diaphragms in zones 1 and 2 show greater deviation
from the assumed linear distribution.

The nonlinear variation of shear force along the diaphragm has implications on
the provision of shear strength. Diaphragms of small to moderate sizes are usually
provided with the same details along the entire span, resulting in a uniform distribution of
stiffness and strength. Large diaphragms may have a nonuniform distribution of strength.
Figures 5.13 and 5.14 suggest that some caution needs to be exercised in reducing the
shear strength along the diaphragm. The static overstrength of the diaphragm, as
discussed in section 5.5, provides extra capacity and hence tends to mitigate this potential

problem.
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The ATC (1995) recommends that the total lateral load on the diaphragm, V, be
distributed in a parabolic manner with an ordinate of 1.5 V/L at mid-span, where L is the
span of the diaphragm. The resulting variation in shear force is cubic and is also plotted
in Figs. 5.13 and 5.14. The distribution from response spectrum analysis is seen, for the
first quarter-span of the diaphragm, to lie between that recommended by the ATC (1995)
and the linear distribution assumed in design. The parabolic and linear distributions may
therefore be considered as bounding cases for distribution of shear force in the
quarter-span of the diaphragm near the supports.

5.12 Nonlinear static analysis
A nonlinear static analysis (NSA) of the building is performed to assess the

behaviour under the prescribed lateral force and under displacements that might occur in
the design earthquake. The MDOFN model described in section 5.6 is used. A bilinear
elasto-plastic model is assumed for the braces with the buckling load equal to the
post-buckling capacity, Py, given in Table 5.6. The cladding panels are modelled with
an equivalent truss element because the program DRAIN-2DX (Powell 1993) does not
have an inelastic panel element. Two lateral force profiles are used in analysis under the
prescribed base shear given in Table 5.3. The first assumes a uniform distribution of base
shear along the span of the diaphragm, as assumed in its design. The second corresponds
to the average of the normalised shear force distribution obtained from response spectrum
analysis, as shown in Figs. 5.13 and 5.14. The two lateral force profiles result in nodal
displacements that differ by a maximum of 5%. The profile from response spectrum
analysis results in greater displacements and is used for further study.

Figure 5.15 shows the drift under the prescribed lateral force for the case with
cladding absent. The CBF and the cladding are located at co-ordinate zero on the graph.
The compression diagonal buckles in all zones due to its low resistance. The drift in
zone 2 is greater than that in the other zones because the diaphragm is marginally stiffer
than that in zone 1 while the lateral force is twice as large.

The drift at mid-span of the diaphragm is next amplified by an arbitrary factor of
2.0 to force inelastic action in the building. This amplified drift is used as a target

displacement for static ‘pushover analysis’, as discussed in section 4.4.3. Figure 5.16
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shows the displaced shape of the diaphragm at this target displacement. In zones I, 2,
and 3, the braces of the CBF yield in tension at a base shear of 239 kN, 422 kN, and
650 kN, respectively, while the roof diaphragm remains elastic. In zones 4 and 5, the
diaphragm yields in flexure at mid-span at a base shear of 769 kN and 1110kN,
respectively, while the CBF remains elastic. A comparison of shear strength of the
diaphragm to the CBF, as shown in Fig. 5.5, suggests that this should be the case.

Figures 5.17 and 5.18 show results for the case with cladding present. The drift in
Fig. 5.17 is less than that in Fig. 5.15 due to the stiffening of the end wall by the cladding.
The compression diagonal buckles in all zones.

The target displacement for static ‘pushover analysis’ is assumed as 3 times the
drift at mid-span. Figure 5.18 shows the displaced shape of the diaphragm at this target
displacement. In zones 1 and 2, the CBF in the end wall containing the CBF and the
cladding, yields at a base shear of 421 kN and 605 kN, respectively, while the diaphragm
remains elastic. In zones 3, 4, and 5, the diaphragm yields in flexure at mid-span at a
base shear of 768 kN, 771 kN, and 1110 kN, respectively.

The NSA suggests that in a severe earthquake, the diaphragm may yield prior to
the end wall in zones 3, 4, and 5. An appropriate measure may be to strengthen the
diaphragm so that the end wall yields first, resulting in a strong diaphragm-weak frame
(SD-WF) design. Such a measure is not adopted herein as it is not mandatory in the

current design philosophy for such buildings.

5.13 Nonlinear dynamic time history analyses

The MDOFN model of the building is used for nonlinear dynamic time history
analysis with the program DRAIN-2D. The braces of the CBF are modelled with the
EL9 buckling element described in Appendix C, with the parameters given in Table 5.6.
The reduction factor applied to the compressive resistance of the brace to define its
post-buckling strength, is assumed as 0.25 because the KL/t ratio exceeds 125 in all the
zones. Experimental data by Jain er al. (1980) shown in Fig. 3.1 suggests that this value
is appropriate. CSA Standard S16.1-94 (CSA 1994) recommends a larger reduction
factor as given in Table 5.6. The cladding panels are modelled with the inelastic panel
element of DRAIN-2D. This element has shear stiffness only and may be specified to fail
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in a brittle manner. A bilinear hysteresis behaviour is assumed with the failure
deformation equal to twice the yield deformation. The latter is about 42 mm and is
greater than that required to yield the braces in the CBF. Hence, brace yielding will
always precede yielding of the cladding panels. All analyses are carried out with an
integration time step of 0.001 s. Rayleigh damping is used with the constants chosen to
obtain 3% and 5% damping in the first and second mode, respectively. The P-A effect is
considered in all analyses.

Earthquake accelerograms for analysis in each seismic zone are listed in
Tables 4.1 to 4.10. The accelerograms of the ‘acceleration set’ have their PGA scaled to
match the zonal PHA, while the accelerograms of the ‘velocity set’ have their PGV scaled
to match the zonal PHV. The structure is analysed with each accelerogram and the peak
value of the response parameters of interest is recorded. The mean value, p,
mean + 1 sigma value, p + 1 o, and the maximum value of the peak responses for each
set of accelerograms is calculated.

A response level has to be selected for evaluating the dynamic response of the
structure with the acceptance criteria for the life safety level given in Table 4.13. The
elastic design spectrum for the 1 in 475 year design earthquake is defined by the product
v S, where v is the zonal velocity ratio and S is the seismic response factor. The response
level may be selected such that the response spectrum of the accelerograms used in
analysis is compatible with the elastic design spectrum, in the period range of interest.

Consider the building in zone 1. The fundamental period from the MDOFN
model in Table 5.7 is 1.42 s with the cladding present, and 1.63 s with the cladding
absent. In the period range from 1.4 s to 1.6 s in Fig. 4.1, the p + 1 o response spectrum
of the acceleration set of records is closest to the NBCC design spectrum. Similarly, in
Fig. 4.2, the maximum response spectrum of the velocity set of records is closest to the
NBCC design spectrum. Hence, these response levels are selected to evaluate the
dynamic response of the building. Similar comparisons are carried out for each set of
accelerograms in all 5 zones and the appropriate response levels are given in Table 5.9.

The dynamic response of the building in zones 1 to 5 is reported in Tables 5.10 to
5.14, respectively. Results for the two cases of cladding absent and cladding present are
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reported in each table. The ‘A-set’ and “V-set’ refer to the acceleration set and velocity
set of accelerograms, respectively, that are used for analysis in each zone. The ‘number
of records’ gives the total number of accelerograms used in each set. The ‘CBF drift’
refers to the lateral drift at the top of the CBF that is expressed as a percentage of the

height, h,. Similarly, the ‘Roof drift’ refers to the lateral drift at the mid-span of the
diaphragm that is expressed as a percentage of the height, h,. The column and brace

response ratios are the ratio of the maximum axial force in these elements to their
nominal capacity. The ductility demand in the brace is its maximum extension in tension
divided by its yield elongation. The ‘number of records with yielding (or buckling)’
gives the number of accelerograms within the set in which yielding (or buckling) of the
braces occurs. The cladding response ratio is the ratio of the shear force developed in the
cladding panel to its shear capacity. The bending response ratio is the ratio of the
bending moment developed in the diaphragm to its yield moment given in Table 5.6. The
shear force response ratio is the ratio of the shear force developed in the diaphragm to its
shear strength given in Table 5.4. The base shear response ratio is the ratio of the base
shear developed to the strength provided by the CBF given in Table 5.4. The dynamic

response in each zone is discussed briefly in the following sections.

5.13.1 Response in zone 1 (Kamloops)

Table 5.10 presents the summary of dynamic response in zone 1. The p+1o
response level is used to evaluate the response of the acceleration set, as given in
Table 5.9. For the acceleration set with cladding absent, the p + 1 o drift of the CBF is
0.28% while that of the roof is 0.51%, and is considerably less than the 1% limit in
Table 4.13. The column response ratio is 0.49. The braces do not yield in tension as
indicated both by brace response ratios and ductility demands less than 1.0. They do
however buckle in compression in almost all records due to their low compressive
resistance. The maximum brace response ratio and maximum ductility demand, even
though the braces are responding elastically in tension, are different because of the
nonlinear behaviour of the Jain and Goel hysteresis model. The bending and shear force

response ratios of the diaphragm indicate elastic response. The p+ 1o base shear
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response ratio is 0.77. With the cladding present, the n + 1 & drift of the CBF reduces
from 0.28% to 0.22% while that of the roof from 0.51% to 0.50%. The response ratio for
the columns, braces, and the base shear reduces while the bending and shear force
response ratios of the diaphragm increase. The cladding panels remain elastic.

The response of the velocity set is evaluated at the maximum level and is
qualitatively similar to that of the acceleration set. In summary, the response in zone 1 is
elastic. The slender braces buckle in compression but do not yield in tension with a
maximum ductility demand of 0.9 in the acceleration set with cladding absent. The
response of the roof diaphragm and the cladding is also elastic. Damage may initiate in
the non-structural interior partitions that are not isolated from the roof diaphragm as the
drift exceeds 0.25%.

5.13.2 Response in zone 2 (Princeton)

Table 5.11 presents the summary of dynamic response in zone 2. The maximum
response level is used to evaluate the dynamic response of both the acceleration set and
the velocity set. For the acceleration set with cladding absent, the maximum drift of the
roof is 0.88% and is less than the 1% limit. The column response ratio has a maximum
value of 0.93. The braces yield in tension in only one record with a maximum ductility
demand of 1.2, and buckle in compression extensively. The bending and shear force
response ratios of the diaphragm indicate elastic response. The maximum base shear
response ratio of 1.0 is developed in the same record that causes yielding of the brace.
With the cladding present, the response ratios of the CBF reduce while those of the
diaphragm increase. The cladding panels remain elastic.

The response of the velocity set is similar qualitatively with the exception that the
braces do not yield in tension. In summary, the response in zone 2 is largely elastic. The
braces yield in just one record with a maximum ductility demand of 1.2. Non-structural

interior partitions that are not isolated from the roof diaphragm may suffer some damage.

5.13.3 Response in zone 3 (Hope)

Table 5.12 presents the summary of dynamic response in zone 3. The maximum

response level is used to evaluate the dynamic response of the acceleration set. For the
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acceleration set with cladding absent, the maximum drift of the roof is less than the 1%
limit. The column response ratio has a maximum value of 0.74. The braces do not yield
in tension but buckle in compression extensively. The bending and shear force response
ratios of the diaphragm indicate elastic response. The base shear response ratio has a
maximum value of 0.93. With the cladding present, the drift of the CBF reduces while
that of the roof increases. The column and brace response ratios reduce marginally. The
cladding panels remain elastic. The bending and shear capacity of the diaphragm are
attained in one record with a maximum slip of 2 mm in the rigid-plastic link element
between the diaphragm and the CBF.

The response of the velocity set is evaluated at the p+ 1 o level. Thep+1lo
drifts are greater than the maximum drifts of the acceleration set. The p + 1 ¢ response
ratios for the CBF are almost the same as the maximum response ratios of the
acceleration set. However, the braces do yield in 2 records with 2 maximum ductility
demand of 1.8. The shear force response ratio also attains a value of 1.0 is one record.
With the cladding present, the response of the CBF reduces while that of the diaphragm
increases. The shear capacity of the diaphragm is attained in 2 records with a maximum
slip of about 16 mm in the link. The cladding panels remain elastic.

In summary, the response in zone 3 shows limited inelastic action in the CBF and
the roof diaphragm. The ratio of diaphragm to CBF strength, as shown in Fig. 5.5, is less
than 1.0 for both cases of cladding absent and present. Hence, the diaphragm is expected
to yield during severe ground motion. Non-structural interior partitions not isolated from

the roof diaphragm may suffer significant damage.

5.13.4 Response in zone 4 (Vancouver)

Table 5.13 presents the summary of dynamic response in zone4. The p+1lc
response level is used to evaluate the response of both the acceleration set and the
velocity set. For the acceleration set with cladding absent, the p + 1 ¢ drift of the CBF is
0.38% while that of the roof is 0.74%. The p + 1 & response ratio for the column and the
braces is 0.86 and 0.96, respectively. The braces yield in 3 records with a maximum
ductility demand of 1.3, and buckle in compression extensively. The p + 1 ¢ response

ratio for bending and shear in the diaphragm is 0.97 and 1.0, respectively, with the
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bending capacity attained in 3 records and the shear capacity in 4 records. The maximum
slip in the link is 25 mm. The base shear capacity is attained in the same 3 records that
cause brace yielding. With the cladding present, the drift of the CBF reduces while that
of the roof increases. The response ratio of the column, brace, and base shear reduces
while those of the diaphragm increase. The braces do not yield and the cladding panels
remain elastic. The maximum slip in the rigid-plastic link element increases from 25 mm
to 35 mm.

The response of the velocity set is similar qualitatively. The braces yield in 3
records only when the cladding is considered absent, with a maximum ductility demand
of 1.3. In summary, the response in zone 4 shows inelastic action in the CBF and the roof
diaphragm. The maximum brace ductility demand of 1.3 may have been greater if the
roof diaphragm response were elastic. The maximum slip of 35 mm in the link between
the diaphragm and the CBF suggests severe deformation along the edge of the diaphragm.
The ratio of diaphragm to CBF strength, as shown in Fig. 5.5, suggests that the
diaphragm is expected to yield in severe ground motion as observed in this zone.
Non-structural interior partitions not isolated from the roof diaphragm may be damaged
beyond repair as the drift ratio exceeds 0.75%.

5.13.5 Response in zone 5 (Victoria)

Table 5.14 presents the summary of dynamic response in zone5. The p+1lo
response level is used to evaluate the response of the acceleration set. For the
acceleration set with cladding absent, the p + 1 o drift of the CBF is 0.39% while that of
the roof is 1%. The p + 1 o response ratio for the column and the brace is 0.68 and 0.87,
respectively. The braces yield in 2 records with a maximum ductility demand of 1.4, and
buckle in compression extensively. The response ratios of the roof diaphragm suggest
significant inelastic action in about half the records. The base shear capacity is attained
in the same records that cause brace yielding. With the cladding present, the drift of the
CBF reduces while that of the roof increases. The response ratio for the column, brace,
and base shear reduces marginally while those of the diaphragm increase. The maximum

brace ductility demand reduces from 1.4 to 1.0. The cladding panels remain elastic.
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The response of the velocity set is evaluated at the p level and is similar
qualitatively to that of the acceleration set. The braces yield in 2 records with a
maximum ductility demand of 1.7 when the cladding is absent. The bending capacity of
the roof diaphragm is attained in 6 of the 7 records. This results in large maximum drifts
for the roof that exceed the 1% limit in Table 4.13 and marginally exceed the 2% drift
limit in the NBCC.

In summary, the response in zone 5 shows some inelastic action in the CBF and
extensive inelastic action in the roof diaphragm. The deformation of the diaphragm
suggests severe damage to it. Non-structural interior partitions not isolated from the roof
diaphragm may be damaged beyond repair because of excessive drift.

§.14 Estimate of lateral drift

Figure 5.19 shows the p + 1 o drift of the CBF and the mid-span of the roof
diaphragm, and the maximum drift of the roof diaphragm obtained from time history
dynamic analyses for the case with cladding absent. Two interpretations of the NBCC
estimate of the total inelastic drift given by [2.15] are also shown. The p+1 ¢ dnft
shown is the greater of that obtained from the acceleration set and the velocity set in each
zone. Because the lateral stiffness of the CBF is considerably greater than that of the
diaphragm, the two variations of [2.15] investigated are

[5.5] 8; = R8cgr +(Sroor —Scar)

[5.6] 8; = RORgor

where 8cgp and Sgqo are the lateral drift of the CBF and the mid-span of the roof
diaphragm, respectively. In [5.5], the R factor is applied to the drift of the CBF only,
while in [5.6] it is applied to the total drift. The elastic drifts intended for use in [2.15]
are obtained from nonlinear static analysis (NSA) of the building under the prescribed
lateral force. Referring to Table 5.9, the maximum response level is selected to evaluate
the response in zones 1, 2, and 3, and the p + 1 & response level in zones 4 and 5. In
zones 1 and 2, the drift from [5.5] and [5.6] bound the maximum drift of the roof, while
in zone 3, the maximum drift of the roof is marginally greater. In zone 4, the drift from
[5.5] and [5.6] bounds the u + 1 o drift of the roof, while in zone 5 the u + 1 ¢ drift of the
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roof is greater because of inelastic action in the diaphragm. The maximum drift of the
roof is less than the 1% limit of the ATC (1995) in zones 1 to 4, and is less than the 2%
limit of the NBCC in all the zones. The pu + 1 ¢ drift of the CBF is less than 0.5% in all
the zones.

Figure 5.20 presents data for the case with cladding present that shows a similar
trend. Nonlinear response of the roof diaphragm in zones 3, 4, and 5 results in the
maximum roof drift being greater than the estimate from [5.6]. The maximum drift of the
roof is less than the 1% limit of the ATC (1995) in zones 1 to 4, and is marginally greater
than the 2% limit of the NBCC in zone 5 only.

Thus, [5.5] and [5.6] provide a reasonable estimate of the maximum drift when
the diaphragm response is elastic. Although the maximum drift exceeds these estimates
when the diaphragm response is inelastic, it is still within the 2% limit.

5.15 Brace ductility demand in tension

Figure 5.21 shows the brace ductility demand in tension at the maximum and the
1 + 1 o response levels. The maximum response level is used to evaluate the response in
zones 1, 2, and 3. With the cladding absent, the maximum ductility demand exceeds the
‘rule of thumb’ limit of 1.5 (the R factor for a SBF) in zone 3 only. In zones 4 and 5, the
u + 1 o ductility demand is also less than 1.5. With the cladding present, the ductility
demand is reduced significantly in all zones with no value exceeding 1.5. Although the
presence of the cladding results in additional stiffness to the end wall, it does provide
some strength to the end wall and shares the lateral load with the CBF. Consequently, the
ductility demand on the braces is reduced. Examination of the time history output of the
braces that yield in tension reveals that the maximum number of times a particular brace
yields in a given earthquake record is limited to 3. The maximum strain rate in the brace
just prior to tension yield is 25x107%/s. Filiatrault and Tremblay (1996) have reported
strain rate demand on slender braces between 10x107/s to 40x107/s from shake table

tests on tension-only CBFs.
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5.16 Design of CBF connections

It is implicitly assumed in dynamic analyses that the connections of the CBF are
strong enough to transfer whatever force is developed. In practice, a designer has the
following options; (a) design the connection for the factored load prescribed by the
NBCC, and (b) design the connection so that it can develop the tensile strength of the
brace member. Option (b) is recommended in high seismic zones and in the capacity
design approach (Feeney and Clifton 1995). The adequacy of both these options is
discussed with respect to the results obtained from dynamic analyses.

Consider the design of the CBF connections for the building in zone 1. Line 11 of
Table 5.3 gives a factored base shear of 195 kN for design of each CBF, resulting in a
factored load of 244 kN (equal to 195/cos6) for connection design. Assuming a
resistance factor of 1.0 to obtain the most likely strength of the member, the tensile
capacity of the brace is 316 kN. Hence, the factored load for design of the connection by
option (a), normalised with respect to the tensile capacity of the brace, is 0.77 (equal to
244/316). For the acceleration set with cladding absent, the maximum and p + 1 & brace
response ratio in tension is 0.90 and 0.77, respectively, as given in Table 5.10. These
values are divided by the connection design force by option (a) and are shown in
Fig. 5.22 by curves labelled ‘maximum’ and ‘mean + 1 sigma,’ respectively. Also shown
in the figure is the weld overstrength ratio that is simply the inverse of the weld resistance
factor of 0.67 used by CSA Standard S16.1-94 (CSA 1994). The latter is intended to
ensure failure in the member and not in the weld. It is evident from Fig. 5.22 that the
maximum and the p + 1 o brace force developed are greater than the factored load from
option (a) in almost all zones. This reduces the margin of safety for the weld that is
implicit in the resistance factor used for its design. A similar figure could be drawn
comparing the brace response force to the net section resistance of a bolted connection.

Filiatrault and Tremblay (1996) report that an increase in brace yield force in
tension-only CBFs occurs because of an increase in yield strength of steel under high
strain rates. This has the potential of reducing further the margin of safety provided to
the connection. The increase in yield strength of steel with strain rate may be estimated

by the following expression (Wakabayashi et al. 1984):
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Fyq €
[5.7] —< = 1+0.0473 logo| —
Fy e,

where Fyq is the dynamic yield strength for a strain rate € and Fy, is the quasi-static
yield strength at a strain rate €, of 50x10°/s. Using [5.7] with the maximum strain rate

of 25x107/s obtained from dynamic analyses, gives an increase in the yield strength of
about 13%. Thus, the brace yield force is expected to increase by this amount. The same
increase may not apply to the connection if its failure mode is brittle or is based on the
tensile strength of steel that does not increase as much with strain rate as the yield
strength does.

Consider the building in zone 5 where some instances of brace yielding occur.
The ratio of the maximum brace response force to the connection design force is 1.13, as
shown in Fig. 5.22. Multiplying this factor by 1.13 to account for the increase in yield
strength of steel for a strain rate demand of 25x107%/s, results in a factor of 1.28. This
reduces the margin of safety provided to the connection. Further, a comparison of brace
cross-sectional area required (line 13 in Table 5.3) with that provided (line 15) indicates
that braces in zones 2 to 5 have little overstrength with respect to the design requirement.
Hence, it appears rational to design the connections to develop the tensile strength of the
brace member. For braces that have significant overstrength with respect to the design
requirement, special studies may be carried out to arrive at an appropriate design force for

the connections.

5.17 Capacity design approach for roof diaphragm

The seismic performance of the building in zones 3, 4, and 5 may be improved by
implementing the capacity design approach. This will require a strong diaphragm-weak
frame (SD-WF) design where the diaphragm has greater shear capacity than the strength
of the CBF. A designer may use a force modification factor, R, of 1.5, 2, or 3 for design
of the CBF when a SBF, NDBF, and DBF, are used respectively. While the design base
shear reduces with a greater R factor, the ductility provisions of Clause 27 of CSA
Standard S16.1-94 (CSA 1994) place restrictions on the brace cross section selected for
use. This affects the lateral load design significantly.
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Consider the design of the building in Victoria (zone 5). The capacity design
force for the roof diaphragm for each of the three categories of CBFs is given in
Table 5.15. The lateral load capacity of the pair of CBFs is seen to be greater than the
base shear for the building and the lateral force for design of the diaphragm, V,. To
implement the SD-WF approach for the SBF designed with a R factor of 1.5 will require
the ratio of diaphragm strength to the prescribed shear (equal to 966 kN) of 1.4. For a
NDBEF, this ratio reduces to 1.3 because of the greater R factor and detailing requirements
that are easy to satisfy. However, for a DBF which is supposed to be the superior CBF in
terms of energy dissipation capability, this ratio is equal to 4.7 and is rather high due to
severe restrictions on the brace member by CSA Standard S16.1-94 (CSA 1994). This
will require the use of either a thicker deck diaphragm or horizontal bracing in the plane
of the diaphragm to increase its shear resistance. In either case, the cost of the diaphragm
is significantly increased and may render its use uneconomical as a lateral load transfer
mechanism. An additional difficulty may arise due to the presence of non-structural
elements in the plane of the vertical bracing. These elements have the potential of
decreasing significantly the difference in strength between the diaphragm and the vertical
bracing provided by the designer. This could transform a SD-WF design into the reverse
if adequate reserve capacity is not provided. Hence, the SD-WF approach seems feasible
(economically viable) for NDBFs and possibly SBFs but does not seem to be a viable
alternative for DBFs.

An alternate approach for CBFs is to provide a ductile shear link between the roof
diaphragm and the frame. This link is designed to have a yield capacity less than the
shear strength of the diaphragm and the CBF. It will, in theory, isolate the roof
diaphragm from the effects of severe ground motion and also limit the loads in the CBF.

The capacity design approach is illustrated with the SBF in zone 5 (Victoria).
This requires a reversal in the design sequence to that previously adopted. The CBF is
designed and detailed first. The roof diaphragm is then provided with adequate capacity
in flexure and shear to ensure that in a severe event the CBF will yield prior to the roof
diaphragm. The CBF is the same as used for zone 5 in Table 5.3. The base shear
capacity of the CBF is 1340 kN. The diaphragm details are revised to provide it with a
shear capacity greater than 1340 kN. The seam fastener spacing of 600 mm is reduced to
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150 mm to result in a shear capacity of 1470 kN and a shear stiffness, G', of 19.5 kN/mm.
The diaphragm is then provided with adequate capacity in flexure so that the shear
strength is developed prior to its flexural strength. The capacity design force, V, of
2940 kN (2 times 1470 kN) is distributed over the span of the diaphragm. A parabolic
distribution of load intensity is assumed with an ordinate of 1.5 VJ/L at mid-span
(ATC 1995), where L is the span of the diaphragm. This gives a bending moment of
34x10° kKN mm at mid-span that is resisted by the flange member. The eave beams in the
N-S direction function as the flange members of the diaphragm for earthquake loads
acting in the E-W direction. They also act as the collector element for earthquake loads
in the N-S direction. Hence, they are designed for the appropriate loads and a W250x58
section is selected instead of the W310x39 given in Table 5.3. The revised properties of
the diaphragm are; shear stiffness, G', of 19.5 kN/mm (giving an equivalent shear area,

A, of 15000 mm®), moment of inertia, I, of 13.36x10"°mm°®, yield moment of

53.7x10° kKN mm, and shear strength of 1470kN. These properties are used for
modelling the diaphragm. The strength and stiffness of the diaphragm are not varied
along the span. Free vibration analysis with the MDOFN model gives a fundamental
period of 0.72 s.

Table 5.16 presents the summary of the dynamic response obtained in zone 5 for
the cladding absent case with the capacity design. In the following discussion, the results
for the cladding absent case in Table 5.14 are compared with those in Table 5.16 to
indicate the change in response. The maximum drift of the CBF increases from 0.62% in
Table 5.14 to 0.73% in Table 5.16. The maximum drift of the roof reduces from 1.51%
to 1.03%. While the maximum column response ratio is the same, the other response
levels indicate an increase in response. The brace response increases with yielding in a
greater number of records and the maximum ductility demand is about 2.0. The bending
response is significantly different with totally elastic response for the capacity design as
expected. The shear force response indicates almost elastic response for the capacity
design with only one instance of yield. The base shear response is seen to increase

indicating more severe response in the CBF.
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Thus, the capacity design approach does protect the diaphragm from inelastic
action that is now concentrated in the CBF. The maximum ductility demand of 2.0 is
considered reasonable for the brace member. The connections of the CBF should develop
the brace capacity in tension and compression. The increased cost of the capacity design
arises from the close spacing of seam fasteners required to increase the shear strength of
the diaphragm.

5.18 Conclusions and recommendations
Based on the analytical studies performed with the single-storey building in 5
seismic zones, conclusions and recommendations for seismic design of such buildings are

developed as follows:

5.18.1 Estimate of period

The empirical estimate of the fundamental period of braced frames in the NBCC
is unrealistic for buildings with flexible diaphragms and does not reflect the dynamic
behaviour of the structure appropriately. The closed form analytical expression
developed in this work accounts for all significant characteristics of such buildings and
gives excellent results when compared with more elaborate numerical methods.

The consequence of adopting a significantly lower design period given by the
NBCC estimate, as against a longer period from analytical models, is that the structure is
provided with a greater base shear capacity. Although this gives greater safety to the
structure, the use of expressions that do not reflect the dynamic characteristics of such
buildings is considered inappropriate. Were the rational expressions developed here to be
used, the base shear would be reduced. As for any structure, the ductility demands should

be assessed.

5.18.2 Design of diaphragms

5.18.2.1 Distribution of lateral force

Figure 5.23 shows the envelope of maximum shear force and bending moment
developed along one half-span of the diaphragm from time history dynamic analysis in

zone 4 normalized to a maximum ordinate of 1.0. The variation of maximum shear force
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along the span of the diaphragm is nonlinear as against the linear distribution usually
assumed in design. The ATC (1995) recommends a parabolic distribution of distributed
lateral force on the span with an ordinate of 1.5 V/L at mid-span, where V is the lateral
force and L is the span. The resulting shear force distribution is shown in Fig. 5.23. The
response envelope, in this case, suggests that even the ATC (1995) force distribution is

unconservative.

5.18.2.2 Use of the capacity design approach

The inelastic response of the roof diaphragm obtained in zones 3, 4, and 5, may be
considered unsatisfactory. Full scale experiments on typical diaphragm assemblies are
needed to provide information on the allowable damage and possible remedial measures.
The alternatives for improving the seismic performance are the capacity design approach
or the use of ductile shear links to connect the diaphragm to the CBF. The former is a
viable alternative for SBFs and NDBFs.

5.18.2.3 Lateral stiffness

Other things being equal, it is recommended that where a choice exists, a stiffer

rather than more flexible diaphragm be used to control deformations.

5.18.3 Use of various analytical procedures in seismic design

A linear elastic static analysis of the structure is adequate for the equivalent lateral
force procedure of the NBCC. The designer should identify the lateral load path clearly
and provide the required strength to various elements along it. As the relative strength of
elements in the load path is of utmost importance, a hierarchy in the provision of strength
should be adopted so that the weakest component selected has a ductile failure mode.

A nonlinear static analysis (NSA) is a useful analytical technique when used in
conjunction with a response spectrum analysis. The latter suggests the distribution of the
lateral force (considering the dynamic characteristics of the structure) that may be used in
a NSA to study the behaviour of the structure under amplified drifts and provide adequate
strength to the components. In this study, the NSA suggested that the diaphragm would

yield in a severe earthquake in seismic zones 3, 4, and 5. This is deduced from statics as
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well because the load path is statically determinate. A NSA will be particularly useful for
provision of strength and stiffness in buildings with redundancy in the load path.

5.18.4 Anticipated deformations of the structure

The NBCC amplifies the elastic deformations of the structure by the force
modification factor, R, to give the anticipated deformations in the design earthquake. The
two variations of this approach, given by [5.5] and [5.6], bound the maximum drift when
the diaphragm response is elastic. Although the maximum drift exceeds these estimates
when the diaphragm response is inelastic, it is still within the 2% limit of the NBCC.
Hence, these expressions may be used to estimate the maximum deformation of the

building.
5.18.5 Design of brace members

Dynamic analyses with the capacity design in zone 5 gives the maximum brace
ductility demand in tension of 2.0, and a maximum number of 3 yield excursions. The
response of the traditional design has lower demand on the CBF. The braces selected in
all zones are class 1 HSS and should be capable of meeting this demand.

5.18.6 Design of connections

Connections of CBFs in all zones should be designed to develop the strength of
the member in tension and compression. This study shows that it is possible to select
braces that have a capacity within 5% of the design requirement. Dynamic response in all
zones suggests that such braces may yield. Special studies are recommended to assess

measures for braces that are several times stronger than the requirement.

5.18.7 Design of non-structural components

The exterior cladding makes a significant contribution to the lateral strength and
stiffness relative to the CBF, and is particularly so in zones 1 and 2. The placement of
non-structural elements in parallel (same vertical plane) with the CBF is worthwhile. The
CBF has a high in-plane stiffness that limits its deformation and thus offers protection to
non-structural elements from excessive drift. Non-structural partitions that do not lie in
the same vertical plane as the CBF should be isolated from the roof diaphragm by
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provision of appropriate connections. The drifts obtained exceed the damage threshold of
0.25% and in many instances exceed the failure limit of 0.75%. Hence, isolation appears
to be a rational alternative. In the capacity design approach, the strength contribution of

the non-structural components should be explicitly considered to ensure a strong

diaphragm-weak frame design.
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Table 5.1 Locations selected for study and environmental loads (NBCC 1990)

Snow load (kPa)
Location Actual* Assumed* Wind load (kPa) Seismic zone
S, Sy Ss S Qo Qe Zy, Z, v

Kamloops 1.3 0.2 1.6 0.3 0.30 0.37 1 1 0.05
Princeton 1.8 0.5 1.6 0.3 0.24 0.32 2 2 0.10
Hope 2.5 0.3 1.6 0.3 0.41 0.55 3 3 0.15
Vancouver 1.6 0.2 1.6 03 0.45 0.55 4 4 0.20
Victoria 1.0 0.2 1.6 0.3 0.48 0.58 5 5 0.30

* The snow load at these locations is different in the NBCC 1995

Table 5.2 Estimate of effective seismic weigght

Item Load (kN)
Roof dead load (@ 0.95 kPa) 4190
25% roof snow load (@ 0.40 kPa) 1742

100% cladding weight (@ 0.25 kPa)
50% column weight
Total

6710
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Table 5.4 Static overstrength ratio for roof diaphragm and CBF

Parameter Zonel Zone2 Zone3 Zoned ZoneS$
Roof diaphragm
factored shear force (kN) 161 322 483 644 966
shear strength provided (kN) 377 582 630 681 1152
static overstrength ratio 2.34 1.81 1.30 1.06 1.19
CBF
factored base shear (kN) 161 322 483 644 966
strength provided
(a) cladding absent (kN) 257 444 666 864 1343
static overstrength ratio 1.60 1.38 1.38 1.34 1.39
(b) cladding present (kN) 447 634 856 1054 1533
static overstrength ratio 2.78 1.97 1.77 1.64 1.59
ratio of diaphragm/CBF strength
(a) cladding absent 1.47 1.31 0.95 0.79 0.86
(b) cladding present 0.84 0.92 0.74 0.65 0.75

Table 5.5 Contributions to static overstren;th in the CBF

Contributing factors Zonel Zone2 Zone3 Zoned4 Zomne$S
Torsion 1.12 1.12 1.12 1.12 1.12
Material resistance factor 1.11 1.11 1.11 1.11 1.11
Discrete size of brace member 1.26 1.08 1.06 1.04 1.03
Contribution of compression brace 1.02 1.02 1.04 1.04 1.08
ratio a, without cladding 1.60 1.38 1.38 1.34 1.39
Contribution from cladding 1.74 1.43 1.29 1.22 1.14
ratio b, with cladding 2.78 1.97 1.77 1.64 1.59
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Table 5.6 Modellin)g details for buildings

Parameter Zonel Zone2 Zone3l Zoned4d ZoneS$
Roof diaphragm
moment of inertia, I (mm* x 102 724 724 724 7.24 8.89
shear area, A, (mm?) 2246 2542 7682 8302 13352
equivalent thickness, t (mm) 0.037 0.042 0.128 0.138 0.222
yield moment (kN mm x 10°) 1567 1567 1567 1567 2232
CBE
brace cross-sectional area (mm?) 903 1550 2280 2960 4430
tension yield force, Pyp kN) 316 543 798 1036 1551
compressive capacity, Py, (kN) 21 49 135 170 504
reduction factor for Py, (CSA 1994) 0.42 0.46 0.54 0.54 0.63
reduction factor used for Py, 0.25 0.25 0.25 0.25 0.25
post-buckling capacity, Py,. (kN) 5 12 34 42 126
capacity of CBF (kN) 257 444 666 864 1343
Cladding (for 10 panels)
stiffness contribution (kN/mm) 4.55 4.55 4.55 4.55 4.55
equivalent thickness, t (mm) 0.087 0.087 0.087 0.087 0.087
yield force (kN) 190 190 190 190 190
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Table 5.7 Fundamental period from free vibration analysis in the E-W direction

Line Model description Zonel Zone2 Zone3 Zone4 ZoneS
Period (s)

1 NBCC empirical estimate  0.23 0.23 0.23 0.23 0.23

2  SDOFE model 1.32 1.01 0.83 0.73 0.60
rigid diaphragm
cladding absent

3  SDOFE model 1.05 0.87 0.75 0.67 0.56
rigid diaphragm
cladding present

4 MDOFN model 1.63 1.36 1.00 0.91 0.74
flexible diaphragm
cladding absent

5 MDOFN model 1.42 1.27 093 0.86 0.72
flexible diaphragm
cladding present

6 Three dimensional model  1.49 1.33 0.97 0.90 0.75
flexible diaphragm
cladding present

7  Classical model 1.42 1.26 0.93 0.86 0.71
flexible diaphragm
cladding present

Note: All models assume a tension-only bracing system.

Table 5.8 Period of vibration of simply supported diaphragm

Mode number 1 2 3 4 ]
Model Period (s)
(a) Classical model - [E.19] 1.11 0.54 0.36 0.27 0.21
(b) Numerical beam model 1.11 0.54 0.37 0.28 0.23
ratio b/a 1.00 1.01 1.02 1.03 1.05

Table 5.9 Response level for evaluating the time history dynamic response

Accelerogram set Zonel Zone2 Zone3 Zoned4 Zone$S
Acceleration set u+lo  max. max. u+le p+lo
Velocity set max. max. pu+loc u+lo T
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Table 5.10 Summary of dynamic response in zone 1 (Kamloops)

Response Cladding
Response parameter level Absent Present
A-set V-set A-set V-set
Number of records 8 9 8 9
CBE drift (%) maximum  0.33 0.24 0.28 0.24
u+lo 0.28 0.17 0.22 0.15
1 0.16 0.11 0.12 0.10
Roof drift (%) maximum  0.62 0.45 0.62 0.54
pu+lo 0.51 0.32 0.50 0.36
11 0.30 0.22 0.28 0.24
Column response ratio maximum  0.56 0.45 0.50 0.41
pu+lo 0.49 0.36 0.42 0.31
u 0.35 0.29 0.30 0.25
Brace response ratio maximum  0.90 0.66 0.77 0.69
utlo 0.77 0.48 0.61 043
11 0.45 0.32 0.34 0.28
Ductility demand maximum  0.88 0.62 0.73 0.64
No. of records with yielding 0 0 0 0
No. of records with buckling 7 9 7 9
Cladding response ratio maximum - - 0.60 0.52
Roof diaphragm
Bending response ratio maximum  0.23 0.21 0.29 0.23
u+lo 0.20 0.15 0.25 0.16
u 0.13 0.11 0.15 0.12
No. of records with yielding 0 0 0 0
Shear force response ratio maximum  0.55 0.40 0.70 0.62
pu+lo 0.46 0.30 0.56 041
1} 0.28 0.22 0.32 0.28
No. of records with yielding 0 0 0 0
Base shear response ratio maximum  0.90 0.67 0.70 0.62
utlo 0.77 0.49 0.56 0.39
K 0.46 0.33 0.32 0.26
No. of records with yielding 0 0 0 0
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Table 5.11 Summary of dynamic response in zone 2 (Princeton)

Response Cladding
Response parameter level Absent Present
A-set V-set A-set V-set
Number of records 12 12 12 12
CBF drift (%) maximum = 044 0.28 0.28 0.23
u+le 0.28 0.22 0.21 0.18
T 0.15 0.16 0.12 0.14
Roof drift (%) maximum  0.88 0.62 0.68 0.65
ut+lo 0.60 0.51 0.58 0.53
T8 0.35 0.40 0.35 0.42
Column response ratio maximum  0.93 0.74 0.75 0.65
u+lo 0.70 0.62 0.60 0.54
Tl 0.45 0.50 0.40 0.46
Brace response ratio maximum 1.00 0.76 0.77 0.65
p+le 0.70 0.60 0.57 0.50
7! 0.39 0.45 0.33 0.40
Ductility demand maximum 1.20 0.71 0.72 0.59
No. of records with yielding 1 0 0 0
No. of records with buckling 11 12 11 12
Cladding response ratio maximum - - 0.60 0.49
Roof diaphragm
Bending response ratio maximum  0.55 041 0.52 0.48
utlc 041 0.36 044 0.41
1! 0.25 0.29 0.27 0.33
No. of records with yielding 0 0 0 0
Shear force response ratio maximum  0.69 0.49 0.65 0.59
u+lo 0.48 0.42 0.52 0.48
T 0.29 0.33 0.32 0.38
No. of records with yielding 0 0 0 0
Base shear response ratio maximum 1.00 0.76 0.72 0.61
u+lc 0.71 0.61 0.55 048
11 042 0.46 0.33 0.38
No. of records with yielding 1 0 0 0
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Table 5.12 Summary of dynamic response in zone 3 (Hope)

Response Cladding
Response parameter level Absent Present
A-set V-set A-set V-set
Number of records 11 9 11 9
CBE drift (%) maximum  0.35 0.65 0.34 0.40
u+lo 0.30 0.45 0.29 0.34
T 0.23 0.29 0.21 0.24
Roof drift (%) maximum  0.53 0.95 0.65 0.80
u+lo 0.50 0.71 0.54 0.67
1} 0.38 0.48 0.40 0.46
Column response ratio maximum  0.74 0.80 0.73 0.80
pu+lc 0.68 0.74 0.66 0.72
1! 0.53 0.56 0.50 0.53
Brace response ratio maximum  0.92 1.00 0.91 1.00
pu+lo 0.83 091 0.81 0.89
i 0.62 0.66 0.58 0.63
Ductility demand maximum  0.89 1.79 0.86 1.09
No. of records with yielding 0 2 0 2
No. of records with buckling 10 9 10 9
Cladding response ratio maximum - - 0.73 0.87
Roof diaphragm
Bending response ratio maximum  0.84 0.90 1.00 0.97
u+lo 0.72 0.84 0.84 091
1! 0.57 0.62 0.65 0.67
No. of records with yielding 0 0 0
Shear force response ratio maximum  0.78 1.00 1.00 1.00
u+lo 0.74 0.92 0.88 0.98
T} 0.59 0.68 0.67 0.72
No. of records with yielding 0 1 2
Slip in link (mm) maximum - 0 2 16
Base shear response ratio maximum  0.93 1.00 0.87 0.97
u+lo 0.83 0.92 0.77 0.86
T 0.64 0.69 0.57 0.62
No. of records with yielding 0 2 0 0
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Table 5.13 Summary of dynamic response in zone 4 (Vancouver)

Response Cladding
Response parameter level Absent Present
A-set V-set A-set V-set
Number of records 12 8 12 8
CBEF drift (%) maximum 043 047 0.36 0.36
pu+lc 0.38 0.43 0.34 0.34
u 0.25 0.33 0.22 0.27
Roof drift (%) maximum  0.93 0.97 0.96 0.85
putlo 0.74 0.78 0.77 0.75
11 0.49 0.59 0.51 0.57
Column response ratio maximum  0.90 0.90 0.85 0.85
u+lc 0.86 0.90 0.81 0.81
u 0.59 0.75 0.56 0.67
Brace response ratio maximum 1.00 1.00 0.95 0.95
pu+lo 0.96 1.01 0.89 0.90
i 0.63 0.82 0.59 0.73
Ductility demand maximum 1.17 1.28 091 0.92
No. of records with yielding 3 3 0 0
No. of records with buckling 10 8 10 8
Cladding response ratio maximum - - 0.78 0.78
Roof diaphragm
Bending response ratio maximum  1.00 1.00 1.00 1.00
pu+loc 0.97 1.03 1.04 1.01
1} 0.72 0.86 0.77 0.87
No. of records with yielding 3 3 3 3
Shear force response ratio maximum 1.00 1.00 1.00 1.00
putlc 1.00 1.02 1.05 1.04
T 0.73 0.86 0.78 0.88
No. of records with yielding 4 3 4 3
Slip in link (mm) maximum 25 18 35 21
Base shear response ratio maximum 1.00 1.00 0.92 0.92
p+lc 0.95 1.01 0.86 0.87
1} 0.66 0.83 0.60 0.71
No. of records with yielding 3 3 0 0
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Table 5.14 Summary of dynamic response in zone S (Victoria)

Response Cladding
Response parameter level Absent Present
A-set V-set A-set V-set
Number of records 12 7 12 7
CBE drift (%) maximum = 0.53 0.62 0.40 0.44
p+lc 0.39 0.48 0.33 0.39
T8 0.24 0.35 0.21 0.30
Roof drift (%) maximum 1.48 1.51 2.01 2.03
u+lo 1.00 1.12 1.19 1.37
71 0.60 0.78 0.67 0.86
Column response ratio maximum  0.78 0.78 0.77 0.78
p+lc 0.68 0.78 0.66 0.74
11 0.45 0.64 0.44 0.60
Brace response ratio maximum 1.00 1.00 1.00 1.00
pt+lc 0.87 1.01 0.84 0.96
1! 0.56 0.81 0.54 0.76
Ductility demand maximum 1.43 1.70 1.00 1.21
No. of records with yielding 2 2 2 1
No. of records with buckling 7 7 7 7
Cladding response ratio maximum - - 0.85 0.95
Roof diaphragm
Bending response ratio maximum 1.00 1.00 1.00 1.00
u+le 1.01 1.03 1.02 1.01
71 0.82 0.98 0.84 0.99
No. of records with yielding 5 6 5 6
Shear force response ratio maximum 1.00 1.00 1.00 1.00
pu+lo 0.96 1.01 0.98 1.01
7] 0.73 0.90 0.75 0.92
No. of records with yielding 3 2 3 3
Slip in link (mm) maximum 5 1 6 17
Base shear response ratio maximum 1.00 1.00 0.98 0.99
u+lc 0.90 1.00 0.85 0.94
1] 0.64 0.86 0.60 0.79
No. of records with yielding 2 2 0 0
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Table 5.15 Capacity design force for roof diaphragm

Parameter Category of CBF
SBF NDBF DBF

Force modification factor, R 1.5 2.0 3.0
Base shear for building (kN) 1932 1449 966
V,=vIS, W, &N) 1409 1409 1409

Brace selection (Fy =350 MPa)

Factored base shear for each CBF (kN) 1082 812 541
Brace x-section required (mmz) 4290 3218 2145
Allowable slendemess ratio 300 300 102
Minimum radius of gyration required (mm) 25.0 25.0 73.5
Square HSS brace selected (class H) 152x8 102x10  203x10
Brace x-section provided (mmz) 4430 3280 7150
Tensile capacity of a brace with ¢ =1.0 (kN) 1551 1148 2503
Post-buckling capacity of brace with ¢ =1.0 (kN) 128 39 339
Lateral load capacity of the pair of CBFs (kN) 2688 1901 4551
Capacity design force for roof diaphragm (kN) 2688 1901 4551
Shear strength required of roof diaphragm (kN) 1343 950 2275
Ratio of capacity design force to base shear 1.39 1.31 4.71

Note: Allowable slendemess ratio for bracesina DBF = 1900/ \/Fy =102
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Table 5.16 Dynamic response with the cagacity desi&n in zone S (Victoria)

Response Cladding absent
Response parameter level A-set V-set
Number of records 12 7
CBEF drift (% maximum 0.73 0.72
pu+lo 0.49 0.60
11 0.29 044
Roof drift (%) maximum 0.94 1.03
putlo 0.74 0.89
T} 0.51 0.71
Column response ratio maximum 0.78 0.78
pu+lo 0.73 0.83
T 0.50 0.69
Brace response ratio maximum 1.00 1.00
pu+lo 0.93 1.07
T} 0.62 0.88
Ductility demand maximum 1.99 1.98
No. of records with yielding 3 4
No. of records with buckling 8 7
Cladding response ratio maximum - -
Roof diaphragm
Bending response ratio maximum 0.63 0.63
u+le 0.53 0.57
1} 0.41 0.50
No. of records with yielding - -
Shear force response ratio maximum 1.00 0.86
u+lo 0.88 0.88
7] 0.65 0.79
No. of records with yielding 1 -
Slip in link (mm) maximum 0 -
Base shear response ratio maximum 1.00 1.00
p+lo 0.95 1.05
Tl 0.69 091
No. of records with yielding 3 4
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